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Summary 
 
Due to the increasingly number of elder and deteriorating structures, maintenance is 
becoming a serious and more complex problem in most of the countries. A lot of studies have 
been carried out in this area for years. However, the fact that a lot of parameters show spatial 
random variability, which is linked with dependencies on temperature, w/c ratio, cement type, 
humidity and workmanship, is not included explicitly in most of the previous studies. 
Therefore, the main objective of the project is to develop a maintenance cost prediction model 
that helps to determine the optimal maintenance strategy with special consideration of the 
spatial variability of concrete degradation. The scope of the research is limited to concrete 
structures and especially concrete bridges. The starting-point of this project is the functional 
requirements that a structure must meet during its service lifetime.  
 
In this thesis an improved and more realistic approach have been developed based on the 
commonly used probability-based reliability methods, but taking into account the spatial 
variability of concrete properties. It can provide not only the probability of failure of the 
structures over time like other reliability methods, but also can produce useful information as 
the proportion or percentage of the surface area that show concrete deterioration e.g., the area 
with initiation of rebar corrosion, cracking, spalling, etc. during the whole period of time. 
This information can facilitate the repair or maintenance strategies for concrete structures 
from practical point of view. In addition, a maintenance cost prediction model was developed. 
Decision making of the optimal maintenance or repair strategy is based on the maintenance 
cost-based optimisation method.  
 
The approach developed in the present research is a successful supplement to the current 
probability-based reliability analysis method and it is also a good way to apply theoretical 
models in practice, in which the calculation results can be comparable with the inspections 
directly. The approach is instantiated successfully in three practical cases. 
 
The great importance of finding the right spatial variation of the parameters is shown in this 
thesis so as to evaluate the structural condition correctly. It is strongly recommend that more 
tests should be implemented specially in the future for finding the real spatial fluctuation 
parameters of the structures, e.g., the value of fluctuation scale and the common source of 
correlation coefficient. The approach is worth of more research and development in the future. 
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Chapter 1 
 
 
 
 
 
 

1 Introduction 

1.1 Incentive for the study 
As structures age, deterioration becomes increasingly significant and may result in a higher 
frequency of repairs, in a reduced load carrying capacity, in other serious failure problems or 
even collapse. Inspection and maintenance work are increasing and the corresponding direct 
costs may become very high. This situation is becoming serious in most of the countries in the 
world, especially in the developed countries where more insight is gained by virtue of the 
development of reliability analysis. For example there are thousands of deteriorating 
structures in the United States, which cost a substantial portion of the national budget for 
maintenance. Of the almost 600,000 bridges and culverts in the National Bridge Inventory, 
over 35% are either structurally deficient, functionally obsolete, or both. The estimated cost to 
eliminate the backlog of bridge deficiencies and maintenance repair levels is about $80 billion 
(Estes 2001). In Canada, $500 billion is necessary by estimation to repair all the 
infrastructures damaged by deterioration (Cheng 2003). 
 
In the EU, maintenance costs are also rising quickly in recent years. In most countries the 
construction programme of the main motorways is now coming to an end and attention is 
switching to maintenance of the existing stock. Most bridges on the national road networks in 
the European Union, which are extremely important to Europe’s economic and social 
development, have been built during the last 50 years although some are much older. The 
direct cost of maintenance management necessary to maintain a satisfactory transport network 
is high. The annual expenditure on maintenance and repair on national bridges in England is 
of the order of 180 million Euros, in France the figure is 50 million Euros, in Norway 30 
million Euros, in Spain 13 million Euros and in the Netherlands is about 100 million Euros. 
Furthermore national bridges only represent 10% of the total population of bridges in England 
and France, and about half in Norway (BRIME 2001). The costs are likely to increase as the 
large number of bridges built during the 1960s and 1970s are beginning to have more 
deterioration problems. 
 
In Asian countries like Japan, maintenance costs reache more than 40 billion Japanese Yen 
(about 400 million Euros) every year only for civil buildings (Guan 2002). Based on the 
investigation of 103 ports, distinct cracking was found and maintenance was necessary at 
once for the ports that were more than 20 years old (Cheng 2003). In China, concrete 
consumption is more than 2.4 billion m3 in 2000, which is far ahead in the world (Guan 
2002). Most of the seaport or hydro- concrete structures appeared rebar corrosion by 
carbonation or chloride ingress since 1980’s (Wu 2002). In 1994, $50 million was necessary 



2   Chapter 1 

to maintain and repair the deteriorated railway bridges, whose number is 6137 among the total 
of 33600 railway bridges (Cheng 2003). At present, deterioration problem exists in 50% of 
existing civil buildings. In the coming 20-30 years, a huge amount of roads, bridges, buildings 
and other infrastructures will be built. Therefore China faces severe situations on the 
durability of structures. 
 
In The Netherlands, the social relevance of the rising maintenance costs may appear from the 
fact that an authority like the Dutch Ministry of Transport, Public Works and Water 
Management spends more money on maintenance than new estate lately. At present, the 
annual budget of the Ministry of Transport needed for the maintenance of structures is more 
than 200 million Euros - a very large amount of money indeed (Zandbergen 2000). For 
practical reasons it is important that the cost involved in those maintenance activities can be 
predicted and where possible can be optimised. The main reason (Zandbergen 2000) for the 
increase of maintenance cost is that the existing structures are showing signs of aging and are 
beginning to suffer from general deterioration. 
 
More than 5 years ago, maintenance in The Netherlands was mainly based on the experience 
of local professionals rather than on the objective criteria and user demands. Annual budget 
requests were not fully met; it was not clear whether demands were fulfilled. Meanwhile the 
available budgets for maintenance were insufficient for the future projects. The backlog of 
maintenance threatened to grow every year.  
 
Now a methodology, a new procedure and new documents for maintenance management of 
road and water infrastructure systems have been developed and implemented in the past 
several years (Klatter 2000 and 2001). A report procedure providing a status overview of cost 
and performance level for the whole infrastructure was initiated (by Expertise Centre 
Maintenance Management “EBO”). For this a new process of bridge management was also 
set up, mathematical models were made and an information system was developed as well as 
new inspection procedures for civil structures (Directoraat-Generaal Rijkswaterstaat 2000: 
Dutch Ministry of Transport, Public Works and Water Management). These measures were 
based not only on technical requirements but also on a wide variety of functional and 
economical requirements. Researches on an optimised maintenance strategy and the life cycle 
costs of structures attract more attention. Recent audits (Zandbergen 2000), however, have 
shown that implementation of this new system has not yet been completed. Applying the new 
methodology is not yet common practice for a large part of the organisations, such as the 
regional or local divisions of the Ministry of Transport, the construction companies and etc. 
The organisational aspect in the management and maintenance system is crucial for successful 
implementation. There is large demand for studies on management and organisation of 
optimal maintenance for infrastructures so as to minimize the future maintenance costs. 
 
Based on all of the above-mentioned facts a project “Decision Theory Aspects of Maintenance 
in Civil-engineering” was set up under the financial support of the Dutch Ministry of 
Transport, Public Works and Water Management, the Dutch Research School Structural 
Engineering as well as The Netherlands Organization for Applied Scientific Research (TNO). 
The project, which is also the counterpart of another project “Deterioration prediction for 
concrete bridges”, is mainly concerned with the cost aspects of maintenance and management 
of concrete structures by using the probability-based decision making.  
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1.2 Aim and content of the study 
The main objective of the project is to develop a maintenance cost prediction model that helps 
to determine the optimal maintenance strategy with special consideration of the spatial 
variability of concrete degradation. The results will be laid down in guidelines and related 
software in the future work. A special point of attention is that large administrators, like the 
Dutch Ministry of Transport, Public Works and Water Management (“Rijkswaterstaat” in 
Dutch), have a considerable amount of electronic records for their construction data that has 
been accumulated over a long time. It should be investigated to what extent it is possible to 
merge these data files and software on the current and future maintenance planning.  
 
The scope of the research is limited to concrete structures and especially concrete bridges. 
The starting-point of this project is the functional requirements that a structure must meet 
during its lifetime. These are requirements of a minimum legally required safety level and 
those of serviceability. Serviceability means matters related to deflections, crack widths, 
vibrations, aesthetics and especially availability. 
 
During the first stage of the project, the deterioration processes of the concrete structures have 
been studied and a summary of the previous work on maintenance techniques and procedures 
has been given. The main efforts are dedicated to the development of a prediction model for 
maintenance costs with consideration of the spatial variability of concrete degradation, which 
serves to the decision making of the optimal maintenance strategy. The thesis investigates the 
technical lifetime of concrete structures. Three practical cases are illustrated to demonstrate 
the developed approach. The important issue is how to deal with the spatial variation of 
random variables.   

1.3 Basic approaches in the study 
Due to a large amount of uncertainties such as variability existing in the field of maintenance, 
and since most parameters in those processes are random, a probability-based approach may 
be a rational way to solve the maintenance problems and has attracted a lot of interest from 
researchers and managers in the recent 10 years.  
 
Therefore this approach is also utilized in this study where in general the probability of failure 
(e.g. spalling of concrete due to reinforcement corrosion) is calculated as a function of time. 
The uncertainties of future behaviour and the way in which these uncertainties can be reduced 
by inspection and maintenance will both be considered from a probabilistic point of view.  
 
However, the fact that a lot of parameters show spatial random variability, which is linked 
with dependencies on temperature, w/c ratio, cement type, humidity and workmanship 
(Chryssanthopoulos 2002), is not included explicitly in most of the previous studies. This is 
not very realistic of course, due to the great impact of spatial variability on design and 
maintenance decisions in many cases. The method that includes spatial variability in the 
reliability calculation and its impact on the inspection or repair decision are discussed in detail 
in this thesis. An advanced model regarding the spatial fluctuation of concrete structural 
degradation is developed in this study, which enables the optimal maintenance strategy 
including inspection or repair decisions. 
 
In the probabilistic-based reliability analysis several mathematical tools can be utilised, such 
as the Monte-Carlo method, FORM (first-order reliability method) and SORM (second-order 
reliability method), etc. The Monte-Carlo method used in this study is a relatively easy and 
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simple method to solve the problems concerning spatial variability of concrete degradation 
and maintenance (details see Appendix G). 

1.4 Outline of the thesis 
The main part of the thesis includes seven chapters that are visualised in Fig. 1-1. Based on 
the problems found in the literature review of chapter 2, the general theoretical study on 
maintenance for all the structures and the probability-based reliability analysis methods for 
maintenance of concrete structures are summarzed separately in chapter 3 and chapter 4, and a 
maintenance cost prediction model for optimal maintenance strategy with the advanced 
modelling of spatial variability of concrete degradation is developed in chapter 5. The 
approaches developed in chapter 5 are instantiated in detail by three practical cases in chapter 
6, and finally chapter 7 presents a research summary, conclusions and recommendations for 
the future work. Following is the brief of the five main chapters. 
 
Chapter 2 gives a critical investigation of the current “Management and Maintenance 
System” for road and water infrastructure in The Netherlands, which is also compared with 
Management and Maintenance (bridge) systems elsewhere in the world. Theoretical gaps as 
well as organisational aspects of maintenance issues are specially emphasised.. 
 
Chapter 3 summarizes the basic theory on probability-based maintenance procedures for 
civil engineering structures which results in the assessment of criteria for an optimal 
maintenance strategy, reliability analysis, inspection updating and maintenance interventions 
involved, which also constitutes the general components for a decision method for an optimal 
maintenance strategy.  
 
Chapter 4 highlights the maintenance approaches for concrete structures based on the general 
theory in Chapter 3. The scope of this PhD project is limited to concrete structures and 
especially concrete bridges. Deterioration mechanisms, inspection, maintenance and repair 
methods in practice for concrete structures are introduced. 
 
Chapter 5 is the core of the PhD project, where a maintenance cost prediction model with 
special consideration of spatial variability of concrete degradation is developed that helps to 
determine the optimal maintenance strategy. The importance of considering the spatial 
variability of structural properties in reliability analysis is discussed and the effects of 
different degrees of spatial variability are compared as well. 
 
Chapter 6 demonstrates the application of the advanced model developed in Chapter 5 
through three practical cases and how to facilitate the decision making for optimal repair 
strategy based on the reliability results.  
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Fig. 1-1 Framework of the thesis 

 



 

 

Chapter 2 
 
 
 
 
 
 

2 The Management and Maintenance System for the 
Infrastructure in The Netherlands 

2.1 Introduction 
Systematic inspection, maintenance, repair and rehabilitation or replacement planning, which 
is called a management and maintenance system, is important in determining the optimal time 
for an agency to execute improvement actions on structures. Before going to the details of the 
thesis aimed to improve the Dutch management and maintenance system for the 
infrastructure, it is worthwhile to give a critical overview of the current “Management and 
Maintenance System” for road and water infrastructure in The Netherlands, which is being 
developed since 1995. The general management process and specific contents of this system 
are introduced. 
 
This overview is presented here since a cost effective maintenance approach can only be 
implemented when conforming to the processes within the maintenance management system 
used now. Therefore the essence of this system is studied and reviewed for those aspects that 
interfere with a cost effective maintenance set-up. 
 
The description focuses mainly on road infrastructure especially concrete bridges, because the 
concrete bridge is the most popular type of bridge in The Netherlands, see Fig. 2-1. Concrete 
bridges are vital elements in road infrastructure and the replacement value represents 
considerable capital investment. Specifically, in The Netherlands, the objective of a Bridge 
Management System (BMS) is to establish the most cost effective maintenance schedule for a 
network of bridges. There should be no argument that the quality of life and the economic 
vitality of modern civilizations are dependent on the infrastructures that support them. Of 
major importance is the transportation system (Roberts, etc. 2002), and bridges 
simultaneously constitute important links in any road system. Therefore attention must be 
paid to the adequate and timely maintenance of all bridges.  
 
This chapter introduces the main contents of the Dutch “Management and Maintenance 
System” for the water and road infrastructure. They are compared with Management and 
Maintenance (bridge) systems elsewhere in the world. Theoretical gaps on organizational 
aspects of maintenance issues conclude this chapter. 
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2.2 The water and road infrastructure in The Netherlands 
The national water systems in The Netherlands consist of the river Rhine branches, the 
Meuse, the Schelde and its delta, shipping canals, as well as open water, all of them are inland 
and in the coastal zone. The most important functions of these systems are flood protection, 
water discharge, transport of goods, ecology and recreation. The national water infrastructure 
consists of 2650 km of shipping routes, 3210 km of embankments and 512 structures. The 
structures vary from major shipping locks and sluices to smaller bridges. The annual budget 
for the investment is €0.18 billion, and for utilization and maintenance €0.54 billion. The 
annual budget needed for maintenance of structures is between €91 and  €114 million. 
 
The total length of the Dutch roads outside the cities is 60.000 km. The national main road 
network consists of 3200 km of main road, including 2200 km of motorway. It serves one 
primary function, accessibility, while traffic safety and environmental aspects are also taken 
into account. The network contains more than 3900 structures, and most of them are bridges 
(Fig. 2-1). The annual budget for investment is €0.91 billion, and for utilization and 
maintenance €0.54 billion.  The annual budget needed for maintenance of structures is 
between €68 and €91 million (an example is given in Fig. 2-2) (Klatter 2001, Klatter, et al 
2002). 
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Fig. 2-1 Quantities of road structures in The Netherlands (Klatter 2002) 

 
 

Fig. 2-2 Total annual maintenance costs in The Netherlands for infrastructure (Klatter,et al 2002) 

 
Fig. 2-1 and Fig. 2-2 show that the concrete bridge (including viaducts) is predominant among 
all the other structures, and it has the highest maintenance costs each year in The Netherlands.  
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2.2.1 General management process 
Since about 1995, the Dutch Ministry of Transport, Public Works and Water Management 
(Rijkswaterstaat) has put much effort into the development of a new Maintenance 
Management System for Infrastructure. The objective is to rationalize the maintenance budget 
allocation and to solve the problems that existed in the old system due to its strong 
dependence on the experience of local professionals rather than on objective criteria and user 
demands (Klatter 2000 and 2001, Bakker 2001). Although such a system has been developed 
and implemented, applying this new methodology is not yet common practice for a large part 
of the organizations, and improvements of the system still need to be inplemented regularly. 
 
The Management and Maintenance System for the infrastructure contains the following 3 
general cyclic processes (Directoraat-Generaal Rijkswaterstaat 2000, Bakker 2003): 

• Bidding and prioritisation: Prioritise the maintenance measures on the basis of the 
proposed measures relative to the desired quality of the infrastructure and the 
necessity for making the management plan including its application. 

• Execution and registration: Implement maintenance or inspection; update the 
information on the condition of the structure. Determine and choose the measures, 
evaluate the effects.  

• Planning and justification: Plan and justify the measures based on the obtained 
condition indicators for the next time round. 

 

2.2.2 Specific contents of management and maintenance system 
The maintenance management system is divided into: 

(1) “Wet” part (BPN), which refers to rivers, locks, dikes, seashore or other water 
systems; 

(2) “Dry” part (WB2000), which refers to roads, bridges, viaducts, road signs, tunnels or 
other road systems. 

 
The maintenance management system contains: 

(1) Regional maintenance documents ― at network-level, present an overview of 
maintenance programmes per region, describe the maintenance management of Dutch 
water and road infrastructure in a global way. It is confined to maintenance 
programmes and small-scale investments (such as local improvements of the 
network).  

(2) Management and Maintenance Plan (B&O-plan) ― contains all the information that is 
necessary for civil infrastructures to be managed and maintained.  It consists of two 
parts: Technical Data and the Maintenance Plan (InstandHoudingsPlan-IHP). 
Technical data is for example the description of specific components of an element.  

(3) The Maintenance Plan (InstandHoudingsPlan-IHP)― at structure-level, presents a 
detailed overview of maintenance measures per structure, is mainly used for road 
infrastructure (WB2000), contains the structure maintenance programmes based on 
more detailed data, describes the contents of the plan, and estimates the future costs. 
Only for new and renovated structures, the Maintenance Plan will be expanded to the 
Management and Maintenance Plan (B&O-plan). 

(4) Ten-Step Procedure― procedures for justifying maintenance measures, is mainly used 
for water infrastructure (BPN). 
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2.2.2.1 Management and maintenance system for water infrastructure (BPN) 
An appropriate goal-oriented management and maintenance system should contain phases in 
which goals are set and the tasks involved are defined in order to reach the goals. This follows 
from management approaches such as the PDCA (Plan-Do-Check-Act) Deming circle. 
Furthermore the system should be clear enough to meet the so-called SMART criteria 
(“Smart” stands for Specific, Measurable, Acceptable, Realisable, Timebound). Within the 
BPN a ten-Step Procedure (Table 2-1) was developed for the purpose of initiating measures 
in water infrastructure management. 
 

Table 2-1 The Ten-Step Procedure 

Phase Step Ten-Step Procedure Pragmatic application 
1 Divide a water system into system parts with 

homogeneous functions 
Which functions are in the water 
system? 

2 Divide the system into homogeneous 
structures 

Which functions are in the 
structures? 

3 Determine objectives for all the functions What do we want to reach in our 
management area? R

eq
ui

si
tio

ns
 

4 Determine the functional requirements for 
each structure 

Which requirements appoint this 
to the structures? 

5 Compare the present state to the objectives 
and determine the measures needed to achieve 
the objectives. Define milestones as well as 
the path to reach the targets. 

What kind of measures we must 
take to realize this? 

6 Perform a system analysis of each structure 
and determine the critical components for 
each function. 

Which components of the 
structure are determined by these 
functions 

7 Determine the preventive maintenance level 
for each critical component based on 
economic criteria. 

When should we replace the 
components to prevent failure? 

8 Determine the influence of lifetime-extending 
maintenance on the lifetime of critical 
components based on economic criteria 

What is the effect of fixed 
maintenance? 

9 Determine the inspection and maintenance 
strategy for all components of the structure 

How to do with the inspection 
and maintenance? 
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10 Set up the inspection and maintenance plans 
for each structure 

What should we do beforehand? 

 
The Ten-Step Procedure consists of two parts: the first 4 steps describe the objectives to be 
achieved and the last 6 steps contain the programs needed to fulfil these objectives. 
Comparison of this approach with the main Deming steps shows that the maintenance system 
has a clear focus on adequate task definition since clear steps for assessing improvement 
opportunities within the system itselft are not yet explicitly present. 

2.2.2.2 Management and maintenance system for road infrastructure (WB2000) 
The next categories of road infrastructure are discerned, in which the categories marked with 
a * are managed by means of object management regimes that have been created: 

• Traffic facilities * 
• Structures * 
• Pavement 
• Landscape and environment 
• Exploitation 
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The management regime for structures 
Structures represent one of the most important categories in road infrastructure. The 
management regime for maintenance of structures in “WB2000” is called the Maintenance 
Plan (IHP- InstandHoudingsPlan in Dutch), which provides the planning (replacement, 
maintenance and inspection) for each element with the related necessary costs.  

 
The structure will be decomposed into components, and the measures for maintenance are 
based on the component-level: 

• Determine the replacement interval per component over the lifetime. 
• Determine the necessity for preventive maintenance, based on calculation of the risk 

and the failure effects if the component cannot fulfil its function. 
• Draw up the necessary maintenance measures and determine the intervals based on the 

strategy. 
• Determine the necessary inspections and inspection frequencies. 

Fixed (routine) maintenance and functioning inspections will be determined on element-level.  
 

Updating of the Maintenance Plan contains the following steps: 
1) Update the Maintenance Plan based on the inspection results. 

Technical inspection is very important and can be used to verify the Maintenance 
Plan. The current inspection-interval for road structures is normally between 5 and 10 
years. Therefore, the whole Maintenance Plan will be actualized every 5 to 10 years. 
When planning the fixed (routine) maintenance, functional inspections (routine visual 
inspections) will be carried out separately. Meanwhile unexpected damages such as 
traffic blocking may occur. However, functional inspections normally have no 
influence on the planning of the Maintenance Plan.  
 

2) Update the Maintenance Plan due to the price variation. 
The maintenance budget must be updated regularly due to the price variation such as 
indexation and therefore can be updated every year. Completely updating can be done 
on the basis of inspections (once about every 5 years).  
 

3) Update the Maintenance Plan with the national development: both technically and 
with respect to costs. 
The technical data and cost data, which are laid down in the Reference Documents, 
will be evaluated every year and when necessary. 
 

4) Optimize the Maintenance Plan based on the outcomes of executed activities. 
After the planned activities have been executed, the results must be applied in the 
relevant Maintenance Plan. Normally only the major maintenance activities have 
impact on the planning. After the small (routine) maintenance activities (also called 
lifetime-extension maintenance), updating of the Maintenance Plan is not necessary. 
 

5) Develop a recommended planning. 
Plans for the structures in the coming 7 to 10 years should be updated every year. 
Checking and testing of the data in the Maintenance Plan should be performed, and 
experiences from the functioning inspections and the small/ routine maintenance as 
well as knowledge from the material experts will be used. The updated plan will be 
applied in the regional management documents. This information makes it clear that 
an opportunity for optimisation of the maintenance system is given by updating of the 
maintenance plan. 
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2.2.2.3 Cost estimation 
In The Netherlands, the maintenance of bridges is planned by standardizing the maintenance 
measures for its constituent components. These components are all characterised by their 
specific technical and functional properties and financial value. A specific maintenance 
strategy is set up for several component types.  

Estimation of the maintenance cost is based on the cost indicators and maintenance 
intervals for standard measures. The first step is to start with the figures based on the expert 
judgment, then to make a complete cost calculation for the standardised measures combined 
with an evaluation of registered data of maintenance intervals, and finally the use of 
deterioration models and data of physical parameters to predict the maintenance costs. The 
maintenance strategies, including standardised budget items, are described in so-called 
Reference Documents. So, maintenance cost is estimated on the basis of the Reference 
Documents.  
 Estimation of the maintenance cost for components can be applied to several groups of 
structures. The effect of this prioritisation on the network performance can be optimised using 
life-cycle costing techniques. Another important aspect is to qualitatively express the network 
performance to facilitate and assist management. 

Further development is needed on quantitative performance indicators related to user 
cost and benefit, prediction of deterioration processes and effects on performance and 
integration of these into a life cycle approach. (Klatter, et al. 2002) 
 
Preventive maintenance costs is divided into direct costs (costs for replacement of the 
component) and indirect costs (social costs due to the temporary loss of the function during 
maintenance). Corrective maintenance costs is also divided into direct costs (costs for 
replacement of the component plus the constructive damage costs) and indirect costs (social 
costs due to function loss and other effects of failure). 

The future cost is accounted for on the basis of a discount rate. Generally, the discount 
rate will take 4% in The Netherlands. 
 

2.2.2.4 Maintenance model (LEM model) 
In Directoraat-Generaal Rijkswaterstaat file 1 (2000), Bakker, et al (1999) and Van Noortwijk 
& Frangopol (2004), a condition-based analytical maintenance model, which is called 
lifetime-extension model (LEM model), has been developed and applied for justification and 
optimisation of maintenance measures in the Netherlands by Dutch Ministry of Transport, 
Public Works and Water management (Rijkswaterstaat). It can be used to optimise 
maintenance in both the design phase and the service phase. In the design phase, initial cost of 
investment can be optimally balanced against the future cost of maintenance (life-cycle cost). 
In the service phase, the cost of preventive maintenance (lifetime-extension and preventive 
replacement) can be optimally balanced in combination with the cost of lifetime-extending 
maintenance. The cost-based criterion of the expected discounted costs over an unbounded 
time-horizon (NPV) is used to compare different maintenance strategies. It is used also to 
determine the figures in the Reference Documents. This model is a reflection of steps 8-10 in 
the Ten-step Procedure introduced previously.  
 
The main objective for developing this model was to offer the maintenance manager a simple 
tool for optimisation of the maintenance of critical components. It treats only one component, 
one failure mode and only the uncertainty in the deterioration has been considered. The 
ageing mechanism is described by a gamma process. The model has been implemented as an 
Excel spreadsheet. The inspection aspects are being taken into consideration in this model. 
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In order to assess to what extent evaluation and optimization of the maintenance process is an 
integral part of current civil maintenance management systems, an inventory of other systems 
used has been made in the next sections. 
 

2.3 Comparison with management and maintenance systems for 
the infrastructure in other countries 

The early development of bridge management system began in the 1970’s in the United States 
(Mihalek, B. & Romack 2002) and has continued through the end of the century in many parts 
of the world. Some commercial BMS software has been developed. The backbone of bridge 
management was then established in the form of a systemization of the maintenance process 
with respect to the issues of inspection, condition evaluation, capacity assessment, 
maintenance planning and optimal repair/strengthening, all related to bridge structures 
(Jensen, et al. 2002). 

2.3.1 Review of main existing Bridge Management System (BMS) 
The enormous investment that governments have made in highway systems since the 1950’s 
has led the U.S. to be recognized as having the largest and most modern highway system in 
the world (Roberts, et al. 2002). Two famous BMS in the U.S., Pontis and Bridgit, have been 
studied together with other BMS in European and Asian countries in the next part. 
 
U.S. BMS’s 
 
Pontis (Czepiel 1995, Thompson 1998, BRIME 2001) 
Pontis is a bridge management system developed by the FHWA (the Federal Highway 
administration) in collaboration with six state DOTs (Departments of Transportation) and the 
consultant joint venture of Optima, Inc. and Cambridge Systematics. 
 
The bridge is divided into individual elements or sections that comprise the same material, 
which can be expected to deteriorate quantitatively in the same manner. Pontis also considers 
bridge deterioration as probabilistic, recognizing the uncertainty in predicting deterioration 
rates. The system models deterioration as a Markov process to predict the probability of 
transitions among the condition states each year, formulating and solving it with linear 
programming. Pontis automatically updates the deterioration rates after historical inspection 
data have been gathered. 
 
Pontis has the ability to estimate accident costs, user costs resulting from detours and travel 
time costs. This information is used in the optimization models to examine tradeoffs between 
options. In the optimization routine, maintenance, repair and rehabilitation actions are 
separated from improvement actions. Optimisation is carried out over the network before 
determining individual bridge projects. The computational efficiency of the optimisation 
model allows for the investigation of impacts on the network with the variation of certain 
parameters such as budget or delay of a certain action. The program is optimised within 
budget constraints by means of an incremental benefit/cost algorithm. The combination of the 
minimum cost actions forms the optimal policy for a given element in a given environment.  
 
Bridgit  (Czepiel 1995, Hawk 1998, BRIME 2001) 
Bridgit is a bridge management system developed by the technical advisory committee 
NCHRP (the National Cooperative Highway Research Project) and National Engineering 
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Technology Corporation since 1985. It is very similar to Pontis in terms of its modelling and 
capabilities. The system functions at element level. Deterioration is modelled as a Markov 
process. Bridgit accounts for the effects of previous repairs by artificially decelerating the 
deterioration process. Cost models are addressed in a similar fashion. The method of 
optimization is unique that multi-period analysis is performed as opposed to sequential period 
analysis. Firstly, the life cycle cost activity profiles are generated for each bridge in the 
inventory. Secondly, optimization is performed to prioritise needs and select the most cost-
effective options for given budgets over the planning horizon. 
 
Load capacity in any given time period is calculated by using a specified equation (Hawk 
1998).  It is used to determine user costs associated with detouring. Agency costs and user 
costs are considered in the development of life cycle profiles. Agency costs include initial 
first costs of actions and future MR&R (maintenance, repair & rehabilitation) or improvement 
actions over the life of the structure. 
 
The primary difference between Pontis and Bridgit lies in the optimization model. Bridgit can 
perform multi-year analysis and can consider actions on a particular bridge that are shifted to 
a later date. Pontis only has this capability at network level. 
 
Ontario BMS: developed in 1997 (Thompson 1999).  
To make up the optimal strategy among alternatives, the model performs a life cycle cost 
analysis on project level. The system uses a benefit/cost analysis and knowledge-based model 
to reduce the list of alternatives to a manageable number. The total life cycle cost of a project 
alternative is the sum of all discounted agency costs, including the estimated long-term cost 
beyond the program horizon. To the greatest extent possible, it is desired that cost estimates 
for project alternatives be based on tender item unit costs. 
 
The element-level is driven by a Markov deterioration model, in which the assumption is 
included that future deterioration depends only on the current condition state, and not on time 
or any other attribute of the element or bridge. This is usually acceptable at the network level, 
where only average behaviour of the inventory is required. Since the Ontario BMS models are 
driven entirely from a project-level life cycle analysis, it becomes possible to modify the 
Markovian models by calculating project-level adjustment factors to deterioration 
probabilities. These adjustment factors would come from knowledge-based models reflecting 
any relevant bridge, and the attributes in the database, including the behaviour of other 
elements on the same bridge, and the attributes of the environment in which the element 
resides. For example, the deterioration of girders can be modified based on the year of 
construction and the degree of leakage of deck joints. 

The optimization method remains conceptual and is still under development. 
However, it is composed of ingredients that have already been proven in many other systems, 
such as incremental benefit/cost analysis and self-contained software objects. 
 
German BMS (Haardt 2002, Novák 2002, BRIME 2001):  
The approach is based on a deterministic model that is also defined for each structural 
element for which it allows to evaluate the future behaviour in terms of the effect on the 
condition value. Benefit/cost analysis among the alternatives is at the project level, the 
alternative with the lowest benefit/cost ratio is the most urgent one to be taken. 
The maintenance plan is optimized by: 

• Defining the maintenance alternatives in a way that a minimum budget is realized for 
a given network-wide condition of structures; 



14   Chapter 2 

• Defining the maintenance alternatives in a way that an optimum network-wide 
condition is realized for a given budget. 

 
Whilst the database and inspection procedures have been developed, the following sub-
modules will be developed in the future: 

• Catalogues of maintenance options and costs, and deterioration models; 
• Evaluation and selection of maintenance options; 
• Determination of the draft programme and financial requirements. 

Further development of the total deterioration model will be a combination of the simplified 
model “carbonation or chloride” and the deterioration model “steel-corrosion”. 
 
South African BMS: (CSIR 2000) 
With one of the most advanced national roads network in the world, South Africa started to 
develop its BMS in 1986. There are currently 2016 bridges on national routes and about 
14,500 bridges on provincial roads. According to the local conditions in South Africa, five 
modules have been applied in BMS. They are: Inventory Module; Inspection Module; 
Condition Module; Maintenance Module and Budget Module. The inspection, condition and 
budget modules have been based on an innovative approach to bridge inspections. Each of the 
21 predefined elements of a bridge is assessed in terms of the defects (rather than the overall 
condition) by means of a 1 to 4 rating for Degree, Extent and Relevancy (DER). The DER 
rating enlightens the bridge manager on specific problems experienced in the bridge network. 
 
Norwegian Lat-Brutus BMS: (Radojicic 2002, BRIME 2001) 
It was developed in June 1997, and now it contains the next main modules: inventory module, 
inspection module, maintenance module, and administration module. Maintenance and repair 
are carried out in such a way that bridge performance does not drop below the acceptable 
level given by the Public Administration Handbook 111-“Maintenance Standard”. 
 
Based on a damage description and a condition assessment, proposals for repairing the most 
important damages are prepared from work descriptions and process codes. Cost estimates are 
prepared for the proposed actions 
 At least two different strategies should be investigated. In addition to maintenance 
costs, they should also include road user costs and any costs to society if affected by the 
various strategies. 
 
In Norway there is not yet an automatic optimization procedure using a computer based 
management system. Furthermore, no standard procedure of benefit/cost evaluation in 
connection to each maintenance or repair project is used. 
 
Finnish BMS (Soderqvist, etc. 1998) 
The Finnish National Road Administration (Finnra) started the development of a BMS in 
1986 for its 13354 bridges and 2757 culverts with a span length >=2.00 m (total length: 307 
km; total deck area; 3.1 million m2). The network level system has been running as a 
prototype since 1996, while the project level system was introduced at the end of 1998. 
 
The system applies probabilistic deterioration models to find a condition distribution of the 
bridges that minimizes the maintenance and rehabilitation costs for the existing bridge stock, 
and establishes deterministic repair and reconstruction indexes to organize individual bridges 
for annual programming. The bridge deterioration takes both deterministic and probabilistic 
Markov approaches. 
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The deterioration models, repair measure models, repair costs and budget and condition 
constraints may be formulated as a linear programming model. 
 
For the Finnish BMS, still more effort must be put into the study of the age behaviour 
research for the bridges. The quality model needs to be improved. Also to optimise MR&R 
costs, more experience is needed in road user costs; the reality and the formulas describing 
user costs on the network level must be better coordinated. 
 
Danish BMS: “Danbro” (Woodward 2001, Radojicic 2002, BRIME 2001) 
It is used in Denmark since about 1985. Estimation of deterioration development of each 
element is done by a condition rating system. A prioritisation programme is used to make 
decisions on maintenance and repair. There is a module for generating an optimal (minimum 
cost) maintenance strategy subject to certain constraints such as a lowest acceptable level of 
condition. No deterioration prediction is implemented for the bridges. 
 
The economic analysis of proposed repair work, which is based on the data obtained from the 
special inspections, is taken as the basis for optimization. The optimization for bridges in a 
bridge stock is made for a five-year period. For cost estimation, a catalogue of standard repair 
works and associated prices were developed. 
 
U.K. BMS: (Das 1998, Woodward 2001, Radojicic 2002, BRIME 2001) 
A new computer based structure Bid Assessment and Prioritisation System is being developed 
in recent years. It will combine strategic needs of individual structures, taking into account 
alternative maintenance measures, the application of whole life costing principles and the 
assessment of risk in terms of road user delays for not carrying out the needed repair work.  
 
Benefit/cost analysis is used. Which is the best maintenance option depends on the solutions 
available and the cost of traffic management and traffic disruption. There is a standard 
program “Quadro” for calculating user delay costs. No deterioration prediction is given for 
the bridges. In the UK Highways Agency’s bridge maintenance activities, the major part of 
the work depends on the load carrying-capacity (or structural adequacy) of the structures 
rather than on their conditions alone like in other countries. The traffic delay cost is the major 
component of the whole life cost for most maintenance options except at the lowest traffic 
flow rates. 
 
UK is the only country that has generally adopted standards specific to the assessment of 
existing bridges. In UK, taking account of deterioration, in general, depends on the 
knowledge and experience of the assessment engineer. There are formalised methods for 
taking account of deterioration arising from chloride-induced corrosion and alkali-silica 
reaction. 
 
Japan J-BMS  (Miyamoto 2000, BRIME 2001) 
The first version was completed in 1995. The system uses multi-layered neural networks to 
predict deterioration processes in existing bridges, to construct an optimal maintenance plan 
for repair or strengthening measures based on minimizing life-cycle cost and maximizing 
quality, and to estimate the maintenance cost. The system determines the most effective 
maintenance plan under a given set of financial conditions. In this system, the genetic 
algorithm (GA) technique was used to search for an approximation of the optimal 
maintenance plan. 
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It consists of two main modules, the “condition module” and the “planning module”. 
So far, it has been used for planning on an annual basis (BRIME 2001). 
 
Switzerland (“KUBA-MS” system) (Hajdin 2002, Radojicic 2002, BRIME 2001): 
It was created in the beginning of the 1980s. The continuing effort is to develop a 
comprehensive road structures management system.  

Currently inspections are based almost exclusively on visual findings and therefore the 
maximum acceptable level of deterioration is defined by visual appearance. The research 
focus was set on chloride-induced corrosion of reinforced concrete, since this is the 
predominant deterioration mechanism in Switzerland and its effect is rated on a scale of five 
condition states from good to urgent. The developed model encompasses both initiation and 
propagation phases of concrete deterioration. Condition deterioration is modelled by Markov 
chains that are derived by statistical analysis of the condition data from periodical inspections 
for each deterioration process of a structure type. 
 
The costs of maintenance actions in KUBA-MS are usually estimated as the sum of 
maintenance actions on element level. These are calculated based on unit costs and damage 
extent for each maintenance action. It is common practice to roughly estimate the costs of 
maintenance actions by considering only a small number of key structural elements. An 
incremental benefit/cost analysis at the project level allows a comparison of projects with 
regard to their life-cycle costs, including user costs. Budget restrictions usually lead to the 
final choice of the projects to be executed. 
 
Chinese CBMS and GZMBMS (Wang, et al. 2003) 
In China, there are currently six bridge management systems (BMS’s) on rural roads and 
urban roads since 1987. The two important BMS’s in China are the CBMS (China Bridge 
Management System) for national and provincial roads and the GZMBMS (Guangzhou 
Municipal Bridge Management System) for urban roads.  

CBMS mainly consists of Database management, Statistics and Search Function, 
Inspection and Evaluation, Maintenance, Cost Analysis and GIS Environment. The functions 
of “Inspection and Evaluation” are to rate all parts for the superstructures and substructures 
with respect to China’s technical specifications and standards. “Maintenance” includes the 
recommended plan to rehabilitate or maintain the individual bridge for the whole network. 
“Cost Analysis” is based on the official manuals for detailed costs for each bridge. It 
improves the efficiency for the budget plan. 

The GZMBMS comprises the network level and the project level. It has being 
developed by South China University of Technology, CSIR Transport and the Guangzhou 
municipal authorities since 2001. It consists of the DER rating system, GIS, Inspection and 
Maintenance models for the network level. The GZMBMS has implemented 6 models for its 
management on project level. They include: 1) Using FEM to analyze the real structural 
condition and its load-bearing capacities; 2) Using NDT technology to identify the defects 
and durability; 3) Using the Health Index to evaluate the bridge performance; 4) Using a life-
cycle cost model to determine the optimum budget in order to achieve a scientific 
maintenance plan; 5). Using rating degrees to evaluate defects of the inspected bridge and 6). 
Using probabilistic methods to assess the durability of the identified bridges. 

2.3.2 Comparison of different BMS’s 
In relation to this study, the next summary can be distilled from the information presented 
with respect to BMS (Table 2-2). 
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Table 2-2 Summary of the different BMS’s in the world 

Aspect
 
BMS 

Deterioration prediction model, 
performance assessment 

Cost optimization routine, assessment of 
proactive maintenance scenarios, criteria 
for decision making 

Reference 

Pontis Probabilistic Markov 
deterioration process; 
Recognizes the uncertainties in 
predicting deterioration rates; 
Automatically updates the 
deterioration rates after 
historical inspection data have 
been gathered. 

Network-level;  
The minimum expected life-cycle costs 
over an infinite planning horizon; 
An incremental benefit/cost algorithm;  
User costs are the sum of: accident costs, 
vehicle operating costs and travel time 
costs. 

Czepiel 
1995, 
Thompson 
1998, 
BRIME 
2001 

Bridgit Markovian deterioration 
models; 
The future condition state 
depends on a transition 
probability matrix. 

Minimum expected life-cycle costs over 
20 years; 
An incremental benefit/cost analysis. 

Czepiel 
1995, Hawk 
1998, 
BRIME 
2001 

 
 
U
S
A 

Ontario Markov deterioration model; 
Future deterioration depends 
only on the current condition 
state, and not on time or any 
other attribute of the element or 
bridge. 

The total life-cycle cost (sum of all 
discounted agency costs, including the 
estimated long-term cost beyond the 
program horizon) analysis on project 
level; 
A benefit/cost analysis and knowledge-
based model. 

Thompson 
1999 

Japan 
“J-BMS” 

Multi-layered neural networks Cost table that allows a comparative 
evaluation of various repair alternatives;  
Minimum life-cycle costs and maximum 
quality; 
The genetic algorithm (GA). 

Miyamoto 
2000, 
BRIME 
2001 

Germany Deterministic model for 
elements 

Benefit/cost analysis among alternatives 
at the project level; A network-wide 
comparison of benefit/cost -ratios is used 
to provide an urgency rating for the 
preferred option for the planning period. 

Haardt 
2002, Novák 
2002, 
BRIME 
2001 

UK No specific deterioration 
model. A condition factor may 
be used. There are formalised 
methods for taking account of 
deterioration arising from 
chloride-induced corrosion and 
alkali-silica reaction. 

Whole life costing and benefit/cost 
analysis; future needs and engineering 
judgment; 
Standard method for calculating traffic 
delay costs. 

Das 1998, 
Woodward 
2001, 
Radojicic 
2002, 
BRIME 
2001 

Switzerland 
“KUBA-
MS” 

Markovian deterioration 
models; 
Focus on chloride-induced 
corrosion of reinforced 
concrete. 

A benefit/cost analysis; 
Life-cycle costs including user costs. 

Hajdin 
2002, 
Radojicic 
2002, 
BRIME 
2001 

Finland 
 

Deterministic models at project 
level; 
Probabilistic Markov models at 
network level 

Life-cycle costs analysis at project level 
comparing the repair measure 
combinations at network level. 

Soderqvist, 
etc. 1998 

Norway 
Lat-Brutus 
BMS 

Maintenance and repair are 
carried out in such a way that 
bridge performance does not 
drop below the acceptable level 
given by the Public 
Administration Handbook 111-
“Maintenance Standard”. 

At least two different strategies should be 
investigated. In addition to maintenance 
costs, they should also include road user 
costs and any costs to society if affected 
by the various strategies. 
There is not yet an automatic 
optimization procedure using a computer 

Radojicic 
2002, 
BRIME 
2001 
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based management system. Furthermore, 
no standard procedure of benefit/cost 
evaluation in connection to each 
maintenance or repair project is used. 

Denmark 
“Danbro” 

Condition rating system; 
No specific deterioration 
model. 

Optimal (minimum cost) maintenance 
strategy 

Woodward 
2001, 
Radojicic 
2002, 
BRIME 
2001 

South 
Africa 

No specific deterioration 
model. 

Optimal (minimum cost) maintenance 
strategy 

CSIR 2000 

The 
Netherlands 

According to the gamma 
process with independent 
increments (condition-based 
LEM Model) 

Life-cycle costs analysis 
LEM Model 

Klatter 
2001, 2002, 
Bakker, et al 
1999, 
Van 
Noortwijk 
2004 

China 
CBMS 
 

No specific deterioration model 
but rating system 

No special cost optimisation   

China 
GZMBMS 

Rating system for the network 
level 
Use Health Index to evaluate 
the bridge performance;  
Use probabilistic method to 
assess the durability of the 
identified bridge 

Using Life-cycle cost model to decide the 
optimum budget 

Wang, et al. 
2003 

 
Deterioration models: 
Fig. 2-3 shows the existing models in BMS’s for bridge deterioration by Morcous, et al. 
(2000). Most of the state-of-art BMS’s employ the Markov Decision Process for modelling 
bridge deterioration. The main shortcomings of this process are that it assumes that the future 
deterioration of the structure depends on the current state, and it neglects the history process 
including the improvement actions taken in the past, and overlooks bridge elements 
interaction (Morcous, etc. 2000, Frangopol, et al 2004). Additionally, from a physical point of 
view, the Markov Decision Process is not very satisfactory. The trend will continue to be 
based on physical parameters. Future models will probably even more be based on the 
physical laws and principles that govern the material and structural behaviour (Adey, et al. 
2003).  
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Fig. 2-3 Approaches used in modelling bridge deterioration (Morcous, et al. 2000) 



Chapter 2  19 

 
In most countries, the procedures for using the BMS are given in various documents such as 
maintenance manuals, management instructions and user manuals. They use the BMS to 
manage bridges on the national highway network i.e. motorways and trunk roads. There are 3 
or 4 levels of inspection (routine, general, detailed and special). The results of general and 
detailed inspections are usually stored in a database. Most countries store maintenance, repair 
and, in some cases, inspection costs on their BMS. The BMS’s usually do not calculate the 
financial consequences of traffic disruption caused by maintenance work and the associated 
traffic management. Most countries do not use physical deterioration models to predict future 
condition of the structure but a rating system, a deterministic model or a Markov model. Most 
countries do not use BMS to make decisions on maintenance and repair although life cycle 
cost models or minimum cost models have been set up.  They decide when maintenance work 
is needed on the basis of inspections and engineering judgement (Woodward 2001 and 
BRIME 2001). 
 
The conclusions that are of interest for this study have:  
The models are available for the current Bridge Management Systems, but not always used. 
Theory is developed ahead of practice. Therefore how to fill in the gap between the 
theoretical models and practical information and how to apply the models in practice in a 
better way are worth of more research and development in the future.  

The current Bridge Management Systems are mainly focused on integrating historical 
experience in the maintenance planning. The consequence of this is that in the process, from 
design to construction, to use and maintain, a systematic step is skipped in which uncertainties 
are transferred to a cost-optimised maintenance proposal. The uncertainties come from the 
data, the models, the shortage of knowledge, the experience, the people, the instruments, the 
methods, etc. Probabilistic deterioration models attract more interest lately. Therefore, 
opportunities for proactive maintenance that can be very cost-effective are currently overseen. 
 
Compared with the BMSs in other countries and based on the necessity of practice, 
deterioration models, inspection models and life-cycle costs analysis need further 
development and improvement in The Netherlands. 



 

 

 

Chapter 3 
 
 
 
 
 

3 General Probability-based Maintenance for Structures 

3.1 Introduction  
This chapter provides the general theoretical background that supports the research objectives 
of this thesis. 
 
Due to a variety of mechanical, physical and chemical processes, structures deteriorate and 
may reach, after some time, a minimum acceptable or even lower level of performance. In due 
time maintenance (including inspection, repair and replacement) has to be carried out to avoid 
that the structure will suffer from insufficient reliability or serviceability. In some cases it 
might prove to be more profitable to do preventive maintenance activities long before the 
minimum performance level is reached. For practice it is important that the costs involved in 
those maintenance activities can be predicted and where possible can be optimised.  
 
In most cases, existing maintenance methodologies for structures are based on a traditional 
approach (see chapter 2) and the reliability of the structures is in general not studied 
explicitly. There is a demand for a more rational inspection and maintenance system for 
facilitating the required level of performance while minimizing the cost. It is acknowledged 
that there are a large amount of uncertainties, such as variability, randomness, indeterminacy 
that come from inherent uncertain factors or from basic lack of knowledge. A probability-
based reliability analysis approach may be considered as the most natural way to solve the 
problems due to uncertainty. This approach has attracted a lot of interest from researchers and 
managers in the recent 10 years. As reliability concepts are better understood and more 
software is developed, reliability-based applications are transitioning from simple, 
hypothetical examples using fictitious data to more complex, practical, and realistic 
engineering problems (Estes 1999). It may be more realistic and economic to estimate the 
performance of structures and to provide more rational assessment of the appropriate and 
cost-effective inspection and maintenance strategy in the light of uncertainties. 
 
The steps involved in the general procedures for maintenance of a structure are: review the 
defect reports in a database, enter new inspection results, evaluate the reliability of the 
structure, estimate the costs of different inspection and maintenance interventions, and plan 
new optimal maintenance work. Details will be introduced in the following sections. 
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3.2 Probability-based Reliability Analysis for Structures 

3.2.1 Modelling of deterioration 
As structures age, due to a variety of mechanical, physical and chemical processes, 
deterioration becomes increasingly significant and may result in a high frequency of repairs 
with the corresponding high costs, in a reduced function capacity, in other serious failure 
problems or even collapse (Fig. 3-1). Structures may reach, after some time, a minimum 
acceptable level of performance. In due time inspection and maintenance of structures are 
needed because of the deterioration processes in the structure. Therefore, appropriate 
modelling of the deterioration processes should be done and updated to predict loss in 
performance over time.  

 
Fig. 3-1 Performance and maintenance costs over time 

 
The various mechanisms may lead to different degrees of deterioration and at various rates. 
Even for a single deterioration process, the mechanical, physical or chemical phenomena may 
interact in a complex way. From an engineering point of view, it is desirable that the models 
to predict such complex and varying phenomena, whilst being sufficiently accurate, are 
relatively easy to use and rely on mathematical formulations which do not require complex 
numerical solution methods. A practical approach for the assessment of a structure is firstly 
identifying the dominant deterioration mechanism(s) and secondly developing the appropriate 
models. For example, chloride penetration may be chosen as the cost dominant deterioration 
mechanism for structures near the sea, while other mechanisms like carbonation, alkali silica 
reaction, overloading, etc usually may be neglected. 
 
It is also not surprising that the majority of models currently available for design purposes 
rely on a compromise being achieved, and being both scientifically credible and acceptable to 
practising engineers (Duracrete 1998). The prediction of structural performance involves 
numerous uncertainties, which are being identified and understood little by little and year by 
year.  

3.2.2 Property characteristics  
In general, the deterioration of structures depends on a number of environmental factors and 
structural characteristics, which show some variation from one structure to another. Further, 
for a given structure both the environmental factors and material characteristics exhibit 
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random variation from point to point. For example, the chloride load and cover depth may 
vary from point to point within the surface of a concrete structure. 

Traditionally a purely deterministic analysis is carried out where the variability of the 
parameters is not taken into account, at least not explicitly. This, of course, is not realistic. 
Probability-based reliability methods on the other hand may provide a more realistic 
description of the real world, to include the uncertainties in the analysis and to use the scarce 
resources more efficiently. 

 
The uncertainty description should include physical uncertainties, statistical uncertainties, 
measurement uncertainties, model uncertainties, etc. All the uncertainties related to loads, 
structural performance, deterioration, maintenance, inspection, and costs including failure and 
user costs, and the discount rate, have to be considered. For the deterioration model selected, 
the first step is to determine whether a variable in the model can be conceived as a 
deterministic parameter, a stochastic variable, a stochastic process (a random variable 
exhibiting random variation in time) or a stochastic field (a variable exhibiting random spatial 
variability).  If the variable is stochastic, statistical characteristics such as probability 
distribution, mean, standard deviation of the random variables should be determined. Its 
characteristics of time-dependency included. If the variable is a stochastic field, its spatial 
correlation in the structure should be clarified as well.  

This, of course, is a very difficult task, as data is not readily available. In those cases 
engineering judgment, collective experience and expert knowledge have to fill up the gap.  
 

3.2.3 Reliability analysis 

3.2.3.1 Definition of failure 
“Failure” in the reliability analysis not only means structural failure, e.g., collapse, but in 
most cases it refers to a situation when the performance of the structure exceeds a predefined 
limit. For example: initiation of rebar corrosion is called a failure when the chloride content at 
the concrete cover depth exceeds a critical value. The concept of a “limit state” is used to 
define “failure” in the context of structural reliability analysis. A “limit state” is a boundary 
between desired and undesired performance of a structure (Nowak & Collins 2000). In 
Duracrete 2000 (Final Technical Report), failure is defined as an event causing an undesirable 
condition. Both methods indicate that failure means an undesired performance of the 
structure. This undesired performance could occur by many modes of failure. Therefore, 
acceptable target limits or desired performance levels have to be set for the reliability 
assessment of the structures. Commonly, the following two types of limit states are defined: 
 
Ultimate limit states (ULS) are mostly related to the loss of load-carrying capacity. Examples 
of failure modes are: 
- Exceeding the load-carrying capacity 
- Formation of a plastic hinge 
- Buckling of flange or web 
- Weld rupture 
- Fatigue rupture 
  
Serviceability limit states (SLS) are related to gradual deterioration, user’s comfort, or 
aesthetics, etc. Examples of failure modes are: 
- Undesired deflections 
- Excessive deformation 
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- Corrosion, cracking or spalling of concrete 
- Excessive vibrations 
- Fatigue damage that can be recovered or repaired 
There is also a special type of serviceability limit state: insufficient reliability with respect to 
the ultimate limit state. If this limit state is exceeded, people think that the structure is not safe 
enough to be for further service. For example, a building after suffering an earthquake or a 
fire may be thought as in this limit state, which has not sufficient reliability although it is not 
in a structural failure. By applying such a procedure a so-called partial damage limit state can 
be defined (JCSS 2000-2). 
 
Limit states can also be classified as reversible and irreversible limit states as shown in Fig. 
3-2: 
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  (a) Reversible limit states   (b) Irreversible limit states 

Fig. 3-2 Reversible and irreversible limit states 

 
In case of the reversible limit state, the performance of the structure can be recovered some 
time later to its original state or to some extent of its original state after it’s limit is exceeded. 
While in the irreversible limit states, the performance of the structure can never be recovered 
after its limit is exceeded. Generally, ULS corresponds to the irreversible limit states while 
there are both reversible and irreversible limit states for SLS. For example, deflection and 
deformation might be looked as reversible limit states, while corrosion, cracking or spalling 
of concrete belong to irreversible limit states. 

3.2.3.2 Limit state function 
The limit state between the desired and undesired performance of a structure is often 
represented mathematically by a limit state function. Each failure mode is considered 
separately in a limit state. Each limit state function is associated with a particular limit state. 
Different limit states may have different limit state functions. In reliability analysis, the limit 
state functions (critical failure modes) are developed in terms of the random variables in the 
limit states.  
 
In a standard case, when the limit state function is not time-dependent, it may be written as: 
 

( , )Z G R S R S= = −       (3.1) 
 
Where: Z limit state margin 

 G limit state function 
 R random variable representing the resistance 
 S random variable representing the corresponding load or action (effect)  

Of course, R and S may be functions of other variables, deterministic or random. 
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The probability-based reliability analysis does not only include random variables, as in the 
standard case, but also random functions of time, usually referred to as a random process. If 
the limit state function is time-dependent where R and/or S may be also functions of time, it is 
written as: 
 

( ) ( ) ( )Z t R t S t= −       (3.2) 
 
If in the limit state functions Z  < 0, the so-called failure state is reached. Reliability analysis 
concerns the probability of failure. In general, one should always keep in mind that just 
mentioning a value for the failure probability does not make any sense without specifying the 
period of time for which it is derived. 

3.2.3.3 Calculation of probability of failure 
The reliability (e.g. probability of failure) with respect to the occurrence of each possible 
failure mode may be analysed by the Monte Carlo Simulation, FORM/SORM analytic 
method or other probabilistic methods (Bjerager 1991, Kroon 1994, Ditlevsen 1996, Engelund 
1996, Schneider 1997, Melchers 1999, Nowak 2000-1 and 2000-2, and Sterritt 2000). The 
whole life performance of a deteriorating structure can be characterised by finding its 
probability of failure over the lifetime interval (0,T]: 
 

0
( ) (min ( ) 0)F t T

P T P Z t
< ≤

= <      (3.3) 

 
The probability of failure is also called the cumulative distribution function of the lifetime T. 
The performance of a structure can also be defined by differentiating the above function with 
respect to t. Then the probability density function of the lifetime is obtained (if the unit time is 
one year, it is called the probability of failure per year or yearly probability of failure): 
  

      ( ) ( )( ) ( ) ( 1)F F
T F F

dP t P tf t P t P t
dt t

∆
= = − −

∆
  (0,  ]t T∈  (3.4) 

 
The lifetime probability density function fT(t) is the so-called (unconditional ) probability of 
failure per unit of time (e.g. year). For maintenance problems, one is often interested in the 
average lifetime (mean time to failure) that can be calculated from the probability density 
function of the lifetime (Van Gestel & Vrouwenvelder 2002):  
 

 
0

( ) ( )T Tt t f t dtµ
∞

= ⋅ ⋅∫  (3.5) 

 
Another related quantity is the failure rate π(t), expressing the conditional probability of 
failure per unit time given that no failure has occurred yet: 
 

( ) (failure in ,  | no failure in (0, ]t dt P t t dt tπ = +    (3.6) 
 
To find π(t) one should divide fT(t) by the probability that no failure occurs (also called the 
survival probability) (Van Gestel & Vrouwenvelder 2002, Frangopol, et al 2004): 
 

( ) ( ) /(1 ( ))T Ft f t P tπ = −      (3.7) 
In reverse, the probability of failure can be derived from the failure rate too: 
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0

( ) 1 exp( ( ) )
t

FP t dπ τ τ= − −∫  (3.8) 

 
The following two typical examples show the difference among these 3 reliability measures 
during a period of 50 years (T=50) (Fig. 3-3): 
 

(1) Time invariant: R and S are simple random variables but not time-dependent, so the 
limit state function is not time-dependent. 

(2) Time variant: R and/or S are time-dependent, so the limit state function is time-
dependent. 

 

 
Fig. 3-3 Time-variant and time-invariant reliability problem 

 
Fig. 3-3 shows that: 

(1) For the time-invariant problem: the probability of failure over a period of time is a 
constant, while the yearly probability of failure and the conditional failure rate are 
equal to zero except at the time of first use. 

(2) For the time-variant problem: the probability of failure over a period of time is time- 
dependent and not decreasing with time, while the yearly probability of failure and the 
conditional failure rate are usually varying with time but may be constant as well. The 
conditional failure rate is always larger than the yearly probability of failure. 

In some cases, the time-variant problem can be simplified to a time-invariant problem: 
Case 1: The load or action is time dependent, and the resistance is time-independent:  
 

( ) ( )Z t R S t= −       (3.9) 
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Failure in this case will occur if the limit state margin is negative at one or more points of 
time in the interval 0 < t ≤  T. In other words, the failure probability may be written as: 

 

0
( ) (min ( ) 0)F t T

P T P Z t
< ≤

= <      (3.10) 

 
As in this case, only S is time-dependent: 

  
max0 0

min ( )  max  ( )
t T t T

Z t R S R S t
< ≤ < ≤

= − = −     (3.11) 

 

        R                                                            Z(t) = R – S(t) 

       S                                                             

                                                      time                                                     time  
Fig. 3-4 Failure occurs if Smax > R or min[Z(t)] < 0. 

 
Case 2: The resistance is time-dependent (often decreasing in time), and the load is constant: 
It is assumed that R is not physically influenced by S in this case. Similar to the previous case, 
the same equation as (3.10) can be used, but with: 

 
min0

min ( )  
t T

Z t R S
< ≤

= −      (3.12) 

 
If (as in many cases) R is a simply monotonically decreasing function of time, it holds: 

 
min ( )R R T=      (3.13) 

 
Case 3: The load or action and the resistance are both time-dependent but without interaction: 
In this case the assumption still can be maintained that there is no interaction between R and 
S. So the actions in S do not belong to the actions that cause the degradation of R. There is no 
simple procedure to transfer a time-variant problem into a time-invariant problem. However, 
sometimes the following approximation may be used: 
 

max0 0
min ( ) max ( ) ( )T t T t T

Z R t S t R T S
< ≤ < ≤

= − = −     (3.14) 

 
This, of course, is an upper bound approximation for the probability of failure. The maximum 
load and the minimum value of R need not to occur at the same point in time. This safe-side 
approximation can be used as an intermediate step to decide whether more advanced 
techniques are necessary. 
 
In structural reliability, the probability of failure PF is also represented by the reliability index 
β, which is expressed by: 
 

1 1(1 ) ( )F FP Pβ − −= Φ − = −Φ                 (3.15) 
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where: Φ is the standard normal distribution function 
 
On the basis of the separate deterioration models for different components, a system model of 
the structure will be developed as a series-parallel combination of these individual models. In 
a parallel system all the members must fail before the system fails, in a series system, the 
failure of one member leads to immediate failure of the entire system. 
 

3.2.3.4 Target reliability 
It has no meaning to calculate a failure probability for a structure if no criteria for acceptance 
are formulated. In some cases this may be formulated implicitly by means of an economic 
optimisation criterion, in other cases the formulation may be explicit in the form of a so-called 
target failure probability. Also mixed formulations are possible, as will be discussed in 
section 3.5.3. In all cases the selection of the target performance level depends on parameters 
such as the type and importance of the structure, possible failure consequences, socio-
economic criteria etc. The explicit values of the target levels for the design of different types 
of structural components have been reported in various national and international standards or 
codes. They will not be discussed in this thesis. The point is to differentiate whether the target 
probability is a yearly failure rate or a failure probability for a certain period. If a limit-state 
function is time invariant as shown in the time-invariant examples in Fig. 3-3, only a constant 
target failure probability is present for the whole period of time (Fig. 3-5).  
 
If the limit state function is time variant, for example (JCSS 2000), in the European codes a 
target value of β = 3.8 (PF ≈ 7×10-5) is mentioned for a structure of a reference period of 50 
years. This corresponds to a constant yearly failure rate of π ≈ 1.2×10-6 /year (β = 4.7) (Fig. 
3-6) with an initial failure probability of 1.0 ×10-5 (Fig. 3-7). It is assumed that the periods 
between successive failures are fully independent. The failure probability per year (the 
probability density function ( ) exp( )Tf t tπ π= ⋅ − . Through equation (3.8), the corresponding 
target failure probability during 50 years can be obtained as shown in Fig. 3-7, which is not 
only time-variant but also monotonically increasing with time. 

Fig. 3-5 Target failure probability for time-invariant reliability problems 
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Fig. 3-6 Target yearly failure rate for time-variant reliability problems (π = 1.2×10-6 per year) 

 

Fig. 3-7 Target failure probability for time-variant reliability problems during 50 years 

 

3.3 Maintenance interventions based on deterioration prediction 
 

Fig. 3-8 Performance deterioration and maintenance effects on the whole life of the structure 

 
Maintenance interventions are defined as a set of activities that are carried out in order to 
ensure that the structure is able to fulfil its design requirements throughout its lifetime with 
sufficient reliability on its performance. It refers to the operations performed to keep the 
structure in an acceptable performance level from both a serviceability and a safety point of 
view (Fig. 3-8). Some examples for the meaning of performance in Fig. 3-8 are: yearly 
probability of non-failure or reliability index, cracking of concrete, area with concrete 
spalling, etc. 
 
The following types of maintenance can be distinguished (Li 2002-1):  
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- Corrective maintenance: No inspection is carried out and repair is done after failure (or 
required serviceability level or safety level is exceeded) has occurred so as to restore the 
structure into the required level. 

 
- Preventive maintenance: Preventive maintenance keeps the structure in a service condition 

by delaying and mitigating the aging effects of wear, fatigue, and related phenomena. Two 
types of preventive maintenance can be defined: 

1) Use-based maintenance: no inspection is carried out but replacement or 
maintenance of a structure takes place at a time before failure occurs according to the 
predictions. Examples are coating, cleaning, etc.  
2) Condition-based maintenance: inspections are planned in advance and when the 
measured condition parameters no longer meet the prescribed criteria, repair or 
replacement must be carried out. Examples are cathodic protection (Polder 1998), 
painting of steelwork, repair of cracks and concrete patch repairs.  

 
In some cases, corrective maintenance may only be chosen due to unexpected failure in the 
structure, such as failures due to fire, explosion, earthquake, accidents, design or construction 
mistakes. It is not easy or even impossible to predict when this kind of failure will happen 
and/or measures have to be taken. In some other situations, corrective maintenance may be 
the only choice due to the cost problem. For example, joints are an indispensable component 
of a bridge. The choice for corrective maintenance of joints (if only taken the joints as a 
component structure into consideration, replacement of a joint after it fails is looked as a kind 
of corrective maintenance) is normally the cheapest solution compared with preventive 
maintenance. Because generally it is difficult to do inspection and repair of joints, therefore 
the total cost for inspection and repair is much higher than the replacement cost after the joint 
has failed. 
 
If the deterioration process can be predicted to some extent, interventions may be carried out 
based on the experience or through inspections before failure occurs. This is the so-called use-
based maintenance or condition-based maintenance. Use-based maintenance will generally be 
applied when the failure costs are relatively high and the time of failure can be predicted in 
advance. Inspection intervals for condition-based maintenance may be either fixed (based on a 
long-term plan) or may depend on the measured condition at the previous inspection. 
 
For preventive maintenance, an important point is how to find the intervention time, e.g., the 
best moment to do the inspection or repair (time tP1, tP2 and tP3 in Fig. 3-8), the optimal 
inspection and maintenance frequency (∆t in Fig. 3-8), etc. Which intervention criterion and 
which preventive maintenance scheme to be used depend on the costs for inspection, costs for 
repair or replacement, the consequences of failure and so on. Details will be introduced later 
in the section on decision-making. 
 
As shown in Fig. 3-8, both corrective maintenance and preventive maintenance, if done 
correctly, may keep or extend the service life of the structure. Based on the prediction of the 
deterioration process of a concrete structure, different maintenance strategies can be planned. 
These strategies are associated with different costs, with different structural components, and 
can be applied at different stages during the deterioration process. Combination and 
prioritisation are very important. Therefore, the entire structural system should be considered 
but not each single component separately. Most of the time, a combination and clustering of 
maintenance strategies for several different components will lead to the minimum costs.  
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3.4 Inspection 
Inspection can be divided into visual inspection and inspection by using instruments to 
determine or measure the related variables. Visual inspection is used to assess the situation 
with respect to cracks, stains, deformation and etc. Most of the time it is qualitative and 
subjective: the damage is nothing, or small, or large, or serious, or etc. The inspection results 
done by instruments are usually quantitative and objective: cover depth of the concrete, 
chloride content at different points, etc. 
 
Most information on existing structures comes from visual inspections; it has been proved in 
most cases to be the most cost-efficient and important inspection method, which quickly 
provides an overview of the condition of the structure and makes it possible to report back 
immediately. It has been postulated that approximately 80% of relevant information can be 
provided by visual inspections for approximately 20% of the total inspection costs (fib report 
2002). Besides visual inspections, additional inspections may be required when a damage is 
reported or when a change in usage is proposed. For each relevant defect, it must be decided 
which inspection method is the most appropriate to be used and how often tests need to be 
conducted.  
 
The inspection methods can be categorised as “Destructive Testing” or “Non-Destructive 
Testing e (NDT)”. The second type is more popular, because it causes less damage to the 
structure. The NDT technology is being developed very quickly in recent years. 
 
Normally, structural degradation processes such as corrosion can be monitored efficiently by 
regular inspections and special investigations. The rational design and planning of inspections 
may use the concepts and methods of probability in order to quantify the effects of 
uncertainty in damage detection.  
 
For all inspection techniques, one should have information on the probability to detect some 
damage and/or the accuracy of the results. In general, the cost of inspection is dependent on 
the quality of the inspection techniques. The inspection quality may appropriately be 
modelled in terms of the Probability of Detection (POD) defined by equation (3.16). A higher 
quality inspection is usually more expensive but has a higher POD. A number of POD models 
for describing the inspection quality have been suggested on an empirical basis. A commonly 
used form of the POD curve is an exponential function (Thoft-Christensen 1999) given in 
equation (3.17): 
 

( ) (detection of defect defect size ) p a P τ= =      (3.16) 
 

  
(3.17) 

 
 
Where: 

∆ a parameter ( 1δ < ∆ ≤ ), which gives the probability of detecting a very large 
defect 

δ a parameter ( 0 δ≤ < ∆ ), which gives the probability of detecting a very small 
defect 

τ0 the minimum defect size below which a defect cannot be detected 

0

0 0

0                                               for 0
( )

(1 (1 )exp( ( )))    for 
p

τ τ
τ

δ ζ τ τ τ τ
< <

= ∆ − − − − ≤
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ζ  a parameter depending on the inspection effectiveness and the inspection 
method 

  
The POD-curve is used in De Wit (2000) for the calculation of the updated reliability index of 
a RC beam (the same example as in Vrouwenvelder 1999). Visual inspection is carried out to 
measure the width of the cracks. The probability of detecting a crack depends on the crack 
width. Therefore, the POD-curve as shown in Fig. 3-9 is used. 
 
 

Fig. 3-9 POD-curve (S. de Wit, based on private communication with H. Borsje, 29/6/2000.) 

 
Another probability, P{detection of defect | there is no defect}, is used as false alarm to 
evaluate the accuracy of the inspection techniques. 
 
Given an inspection result, there is a need to update the reliability estimate of the structure. 
Several methods can be applied to update the future performance deterioration and reliability 
of the structure. One route uses the Bayesian updating method (Vrouwenvelder 1991, JCSS 
2000, Kroon 1994, Thoft-Christensen 1996, Ditlevsen 1996, Engelund 1996, Schneider 1997, 
Enright 1999, Nowak 2000 and Sterritt 2000). This method can be applied to assess a 
posterior distribution of the degradation rate, initiation time and other random variables that 
are based on the previously obtained data (prior distribution) and current inspection data 
(sampling distribution).  
 
If the value of the updated performance for the structure can satisfy the target level, each 
defect detected at the latest periodic inspection is investigated in order to decide when a 
structural assessment is needed and what kind of maintenance work needs to be done in the 
future. If the value of the updated performance for the structure tends to drop below the target 
level within the acceptable period, maintenance or repair should still be done at once. 
 
The reliability assessment of a structure results from the combination of all “prior” 
knowledge. Therefore, it may change as additional inspection results are obtained. Existing 
structures are always associated with uncertainty that is in part due to the inherent variation of 
material properties and loading environmental characteristics, but a substantial part of 
uncertainty arises from lack of information. The available but yet limited knowledge about the 
the structure is reflected in the results of the probabilistic models. By performing inspections, 
this knowledge is updated and consequently the results are adjusted. So even without doing 
maintenance and changing the structure, the estimated performance level of the structure may 
change due to additional information obtained and the lifetime may be lengthened as shown in 
Fig. 3-10. Suppose at time t1, only an inspection is performed. Then the random variables 
(e.g., corrosion rate, corrosion initiation time etc.), the deterioration process and the reliability 
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index can be updated, and the time to do expensive corrective maintenance may be extended 
to time t2; at this moment. Similar results are obtained in De Wit (2000).  
 
 
 
 
 
 
 
 
 

Fig. 3-10 Inspection effects on the whole life of the structure  

 
Related to inspection, typically two different types of decisions have to be made 
(Vrouwenvelder 1991):  
(1) Beforehand: what is to be inspected: 

 What aspects 
 How many samples and when 
 What techniques to be used 

(2) Afterwards: What to do with the results: 
 Do nothing 
 Maintain the structure 
 Stop the particular use of the structure 
 Establish the plan for the next inspection 

 
One strategy is to take these decisions for each inspection on an individual basis; another one 
is to make a long-term inspection plan. There might also be a mix of both methods. In the first 
method, one needs to update the failure probability as previously introduced. Based on the 
information one could make the decision whether or not to carry out repairs. In the case of a 
long-term planning, one defines in advance different maintenance alternatives of how to react 
on inspection results. For any given alternative, it is then possible to calculate the cost 
expectation. The one with minimum cost expectation can be chosen. This involves the 
optimisation problem of the next section. 
 

3.5 Decision of optimal maintenance strategy 
The purpose of decision analysis is to reach a decision with respect to a maintenance strategy 
that is in some way optimal considering the given uncertainties. At present, there are some 
maintenance models like: Life Cycle Management (LCM), Total Productive Maintenance 
(TPM) and Reliability Centred Maintenance (RCM) (Vrouwenvelder 2002). Life-cycle cost 
models are often used to manage small facilities and are increasingly being utilised to manage 
groups of structures and infrastructural networks (Adey, et al. 2003). LCM will be used in this 
study. 

3.5.1 Criteria for an optimal maintenance strategy 
As everywhere in life, economic considerations play a dominant role in the decisions for 
repair, maintenance and inspection of existing structures. The cost items will be of a random 
nature, which means that their expectations are used in the analysis but the uncertainties are 
neglected. Of course there are other approaches, such as a “mu + k.sigma” approach, or utility 
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approach, are available in literature which take account of uncertainties in the optimisation 
procedures. See for instance Van Gelder & Vrijling (1998).  
 
The criterion for optimising a maintenance strategy of a structure is minimizing the expected 
total maintenance cost over the life span T:  
 

[ ]
0
min Lt T

E C
< ≤

      (3.18) 

 
Where E[CL] is the expected total maintenance cost, which generally includes: the costs of 
direct maintenance CD, and failure cost of the structure CFAIL, expressed as: 
 

   ( ) ( )
L D FAIL

PM INS CM USE F F

C C C
C C C C C P

= +
= + + + + ⋅

                                     (3.19) 

 
The costs included in CD are: preventive maintenance cost CPM, inspection cost CINS, 
corrective maintenance cost CCM, and user cost CUSE. The user costs are the costs attributed to 
the reduction in the level of service provided due to the works being undertaken on the 
structure. In CFAIL, CF is the cost associated with the structural failure, which can be divided 
into replacement costs, loss of life, loss of equipment, and architectural, cultural and historical 
cost, etc., and PF is lifetime failure probability. 

3.5.2 Cost calculation 
Most costs in equation (3.19) have a directive objective base and it is not very difficult to 
make a quantitative evaluation. For example, the costs of inspection and maintenance are 
relatively easy to be determined in the foreseeable future.  
 
However, the costs that are depend on some social and economic factors are difficult to be 
quantified. Some examples are the user costs and failure costs. The user costs can be the costs 
of increased travelling times as a result of traffic congestion at the road or detours made as a 
result of closure of the structure. The road user costs can be divided into the costs due to 
traffic delays and the costs due to traffic detours. In order to evaluate the road user costs, it is 
necessary to predict future traffic growth. Only a few countries developed programmes to 
evaluate road user costs under different circumstances. (BRIME 2001) 
 
It is also not easy to assess the costs of injuries and loss of human life, the destruction of a 
structure that has a cultural or historical value, the social impact caused by the closure of a 
structure, etc. An analysis in which CFAIL is incorporated in order to decide for the optimal 
maintenance scenario is referred to as Risk Based Maintenance.  
 
The cost analysis can be based on the capitalised costs or the annual costs. In the first case, all 
the costs are discounted to the equivalent amount of the present value:  
 

1 (1 )

T
i

P i
i

CC
r=

=
+∑       (3.20) 

 
Where: Cp present value of the cost; 
 Ci cost in year i; 
 T reference period in years; 
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 r the interest rate or the discount rate in one year. 
 
The value for the discount rate should be chosen very carefully. The current value of discount 
rates used in different countries varies from 0% to 10%. It has significant implications to the 
management of infrastructure systems. The effect of the discount rate is discussed in 
Frangopol (2000). For example, even for a small change in discount rate from 6% to 8%, the 
discounted value of the replacement of a structure at 20 years will drop from 31.2% of its 
initial cost to 21.5%. If the reference period in our discussion is very long (e.g. > 100 years), 
the discounted value in a discount rate of 6% will even drop to zero. Therefore, it is suggested 
the discount rate be less than 5% for long period ( ≥  50 years). For a short period (< 50 years), 
the discount rate can take the interest rate or sometimes it can be neglected. 
 
In the second case, all costs are translated into an average cost per unit of time (mostly per 
year): 
 

1 1

1
(1 ) (1 )

T T
i

A i i
i i

CC
r r= =

⋅ =
+ +∑ ∑      (3.21) 
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          (3.22) 

 
When the interest rate effect is neglected ( 0r → ), a simple estimation remains:  
 

1
and /

T

P i A P
i

C C C C T
=

= =∑        (3.23) 

 
Another interesting extreme is when T approaches infinity, in that case equation (3.22) 
transforms to: 
 

    A PC C r= ⋅       (3.24) 
 
The approach of using either the capitalised costs or the annual costs leads to the same 
conclusions. 

3.5.3 Optimisation 
Generally, with respect to the optimisation analysis three classes of maintenance problems 
can be defined: 
 
(1) Unconstrained optimisation problem 
Formulation (3.18) describes a so-called cost based, unconstrained optimisation problem, 
which can be expanded as equation (3.25) and is displayed in Fig. 3-11. An example in the 
next section shows this optimisation process for the corrective maintenance interval and 
inspection interval separately.  
 
 { }  {( ) ( )}L PM INS CM USE F Fmin C min C C C C C P= + + + + ⋅  (3.25) 
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Fig. 3-11 Unconstrained optimisation problem 

 
(2) Constrained optimisation problem  
In addition to the cost optimisation, the society may formulate some requirements with 
respect to the SLS (serviceability limit state) or ULS (ultimate limit state). This leads to the 
so-called constrained optimisation problem. This means that both of the following equations 
in (3.26) have to be satisfied. The failure cost F FC P⋅  is always neglected in this problem in 
practice since people only want to minimize the direct costs for maintenance of the structure, 
and at the same time they assume that the failure costs can be neglected under the condition 
of *

F FP P≤ . 
 

*

{ } { }L PM INS CM USE

F F

min C min C C C C

P P

= + + +


≤
    (3.26) 

 
where PF is a general concept that has two kinds of meanings: 
 PF means “probability of failure” of a structure with respect to the SLS or ULS, so 

it is not only the probability of structural failure. PF
* is the target probability of failure 

that can be found in the national or regional codes or specifications (either for one 
year or for the total design period). Examples are shown in chapter 4. 

 PF means a specific performance of a structure, for examples the crack width of 
concrete (w), the diameter of a rebar (φ), the carbonation front of concrete (yc), the 

portion of concrete surface with corrosion such as cracking and spalling ( corA
A

: Acor - 

damaged area; A - the total area), and etc.  PF
* is the acceptable or allowable limit of 

the performance with respect to the SLS, so the corresponding PF
* for the previous 

examples may be: the allowable crack width, the maximal allowable diameter loss of a 
rebar, the allowable carbonation front (e.g., the concrete cover depth), the percentage 
of the area with visible corrosion to cause repair intervention due to aesthetic reasons 

or unsatisfied reliability ( *( )corA
A

), etc. The constraint for the last example can be 

written as: *( ) ( )cor corA A
A A

≤ . 

The 2nd meaning is measurable and easy to be controlled in practice. The developed approach 
in this thesis is a good justification, which can be found in chapter 5 and 6. It uses the 
constrained optimisation method by limiting the specific performance of the structure in the 
serviceability state instead of using “probability of failure”  
 
 

Costs per year 

Total CL Failure costs CFAIL 

Direct costs CD 

Optimal point 

Maintenance interval (year) 
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Fig. 3-12 Constrained optimisation problem 

 
(3) Combination of unconstrained and constrained optimisation problem 
In some cases, the problem firstly can be solved by the way of unconstrained optimisation. 
But due to some consideration of the human safety, big social loss, etc., a certain constraint 
may be required: 
 

*

{ } {( ) ( )}L PM INS CM USE F F

F F

min C min C C C C C P

P P

= + + + + ⋅


≤
  (3.27) 

 
All the various maintenance options (different maintenance strategies, maintenance intervals, 
inspection methods, inspection intervals, etc.) are designed such that the constraint is satisfied 
first, when available. Then the determination of the appropriate maintenance strategy for one 
component or one structure depends solely on the total minimum maintenance costs CL or the 
minimum annual maintenance costs CA. Those costs, the value of which is the same for all the 
alternatives, may be disregarded, since they will not affect the comparison of the options. For 
example, the construction cost of the original structure does not need to be considered in 
decision-making because it is the same for all the options. 
 
Sometimes the constraint with respect to the maximal budget has to be taken into account. In 
other words, optimal performance (e.g. the minimal failure probability, minimum risk etc) has 
to be determined for a given maintenance budget. 
The budget constraint may be written as:  
 

*
D DC C≤       (3.28) 

 
where CD is the budget cost and CD

* is the available budget. 

3.5.4 Illustrative example 
This example illustrates the corrosion of a rebar and the maintenance approach for the rebar in 
a steel structure, which includes the following contents: 

• Reliability analysis with respect to the given limit state functions and target reliability; 
• Comparison of three typical maintenance methods where inspection is included in the 

condition-based maintenance; 
• Optimisation for the corrective maintenance interval and inspection interval separately 

by using the unconstrained optimisation method; 
• Decision making of the optimal maintenance strategy. 
 

The limit state functions for the corrosion of a rebar structure are defined as (Fig. 3-13): 

Costs per year 

Total CL 
Failure costs CFAIL 

Direct costs CD 

Optimal point with min. CD under PF ≤ PF
* 

Maintenance interval (year) 
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;

( ) ( )  ( ) ( )

( )
F c A c

c corr a V

Z t d d t or Z t d d t

d t V t u b t

= − = −

= ⋅ − ⋅ ⋅
 (3.29) 

 
where:  dF failure value of the corrosion depth for the rebar = 5 mm 
  dA intervention value of the rebar diameter loss before failure = 2.5 mm 
  dc(t) the corrosion depth of the rebar (diameter loss of rebar) at time t [mm] 
  Vcorr;a average corrosion rate = 1 mm/year 
  bV variation of the corrosion rate = 0.5 mm/√year 
  u standard normal variable with µ = 0 and σ = 1 
 
 

Fig. 3-13 Rebar corrosion depth as function of time 

 
It is assumed that all the related costs are (the discount rate is neglected, e.g., r = 0): 
 Replacement cost CR= 1000 euro 
 Failure costs  CF = 9000 euro 
 Inspection cost CI = 100 euro 
 
Three types of maintenance will be compared by the annual costs CA. In Fig. 3-13 ∆t is the 
inspection interval for condition-based maintenance. 
 

3.5.4.1 Strategy 1: Corrective maintenance  
After failure of the rebar, it will be replaced. The average lifetime of the rebar by corrective 
maintenance is: 
 ;( ) / 5 yearsL F corr at d Vµ = =  
 
The annual cost expectation can be approximated by: 
  
 ( ) / ( )A R F LC C C tµ= +  (3.30) 
 
Therefore: (1000 9000) / 5 2000 /AC euro year= + =  
 

dc1 
∆t 

dc 

dF 

dA 

t 
t1     t2 

dc2
dc3



38   Chapter 3 

3.5.4.2 Strategy 2: Use-based maintenance 
Replace the rebar before it is expected to fail. The annual cost for this strategy can be 
formulated as equation (3.31) (Van Noortwijk 2004), more information on the age 
replacement interval can be found in Barflow & Proschan (1965) and Karlin & Taylor (1975): 
 

0

[1 ( )] ( )

( ) [1 ( )]
R

R F R F F R
A T

R F R

C P T C P TC
t f t dt T P T

− + ⋅
=

⋅ + −∫
      (3.31) 

 
where: TR  the replacement interval [year] 
 t  time (year) 
 f(t)  probability density function 

PF(TR) failure probability within the replacement interval, which can be 
calculated using the following simple method: 

 
 ;( ) F corr a RZ d V Tµ = − ⋅  (3.32) 
  
 ( ) V RZ b Tσ = ⋅                                         (3.33) 
 
Because Z is normally distributed: 
 ( ) / ( )Z Zβ µ σ=  (3.34) 
 
 ( ) ( 0) ( )F RP T P Z β= < = Φ −  (3.35) 
 
If it is assumed that the probability of failure is not large and the replacement interval is less 
than the average lifetime of the structure, equation (3.31) can be approximated as: 
 

( ( )) /A R F F R RC C C P T T= + ⋅     (3.36) 
 
The different replacement intervals with the calculated corresponding failure probability and 
costs for equation (3.36) are shown in Table 3-1.  
 

Table 3-1 Total annual costs vs. replacement intervals  

TR (year) 2 2.5 3 3.5 4 
PF(TR) 1.1х 10 -5 7. 9х 10 -4 1.1х 10 -2 5.5х 10 -2 0.159 
Replacement cost 
(euro/year) 

500 400 333 286 250 

Failure cost 
(euro/year) 0 3 33 141 358 
Total annual 
costs (euro) 500 403 366 427 608 

 
A short replacement interval is accompanied with high annual replacement costs and by low 
failure costs; while a long replacement interval is accompanied by high annual failure costs. 
The point with the lowest total costs should be the value for the optimal replacement interval. 
Fig. 3-14 clearly shows that 3 years is the optimal replacement interval for strategy 2 having 
the lowest annual costs of 366 euro.  
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Fig. 3-14 Optimisation of replacement interval  

 

3.5.4.3 Strategy 3: Condition-based maintenance 
Inspection (inspection interval is fixed) is carried out to determine the replacement moment 
when the corrosion depth exceeds the intervention level (dA in Fig. 3-13) but is less than the 
failure level (dF in Fig. 3-13). The accurate formulation for calculating the expected annual 
cost can be found in Kallen & van Noortwijk (2004). If it is assumed that the probability of 
failure is not large and the inspection interval is less than 3 years, The annual cost can be 
simply approximated as: 
 

/ ( ) / ( )A I ins R F F LC C t C C P tµ= ∆ + +     (3.37) 
 
Where: ∆tins  the inspection interval [years] 
 µ(tL)  lifetime of the rebar [years] 
 
The calculated annual costs obtained by Monte-Carlo simulation (see Appendix G for details) 
are shown in Fig. 3-15. The optimal inspection interval is 1.5 years with the corresponding 
lowest annual costs of 410 euro. 
 

Fig. 3-15 Optimisation of inspection interval 

 

3.5.4.4 Decision making of the optimal maintenance strategy 
After the optimal replacement interval and inspection interval have been determined for 
strategy 2 and strategy 3, the annual costs for the three maintenance strategies are compared 
in Fig. 3-16. It is clear that strategy 2 (use-based maintenance) is the optimal choice for this 
case. 
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Fig. 3-16 Comparison of the three strategies 

 
For the optimisation decision of more complex deterioration processes for whole structures, 
attention should also be paid to the clustering or combination of the maintenance strategies for 
different components or different structures as well as the optimisation based on the available 
budgets. 
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Chapter 4 
 
 
 
 
 

4 Maintenance of Concrete Structures  

4.1 Introduction  
The scope of this Ph.D. project is restricted to concrete structures. Therefore, reliability-based 
maintenance approaches for concrete structures are highlighted in this chapter based on the 
general theory discussed in Chapter 3. Deterioration mechanisms, inspection, maintenance 
and repair methods for concrete structures are introduced. Notwithstanding the fact that a lot 
of parameters show spatial variability (random fields), this chapter only assumes homogenous 
material and constant properties. 
 

4.2 Deterioration prediction for concrete structures 

4.2.1 Overview of deterioration mechanisms 
Deterioration of concrete structures can be due to various mechanisms. (CEB 1992, Grattan-
Bellew 1996, Duracrete 1998, Gaal 2004, Sterritt 2000, fib report 2002, Woodward 2001, 
Radojicic 2000, Li 2002-1, etc.): 
1. Reinforcement corrosion or corrosion of prestressing tendons due to 

• Chloride penetration 
• Carbonation 

2. Damage due to deterioration of the concrete matrix 
• Alkali-aggregate reaction (AAR) 
• Freeze-thaw action 
• Sulphate attack 
• Delayed Ettringite formation 
• Acid attack 
• Micro-biological attack 
• Soft water attack 
• Alkali-carbonation reaction 

3. Mechanical damage 
• Accidental damage 
• Fatigue deterioration, e.g.: abrasion, impact damage of surface 
• Overloading 
• Malfunctioning of bearings and joints 
• Creep deformation 
• Bad injection of prestressing ducts 

4. Initial cracking and its effect 
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• Plastic shrinkage 
• Plastic settlement 
• Thermal cracking 
• Non-uniform and restrained shrinkage 
• Drying shrinkage 
• Applied construction loads and service loads 

5. Man-made mistakes 
• Defective design 
• Defective construction 
• Defective maintenance 
 

Corrosion of the reinforcing steel due to the action of chlorides and atmospheric carbon 
dioxide is universally acknowledged as being the most widely encountered problem affecting 
the durability of concrete structures (Duracrete 1998). Corrosion of reinforcement can lead to 
very expensive maintenance and repair actions (Sørensen 1999). In this thesis, concrete 
deterioration due to chloride-induced corrosion of the reinforcement will be the main concern 
while other type of deterioration will not be dealt with. 

4.2.2 Modelling of concrete deterioration 
As commonly defined, the service lifetime of a concrete structure includes an initiation and a 
propagation period of deterioration (for definitions see Appendix A). The main events in these 
two periods are summarized in Fig. 4-1. As shown in Duracrete (2000-1) and Duracrete 
(1997, 1998, 1999 and 2000-2), prediction of the loss of performance due to various 
deterioration mechanisms is possible by modelling of these two physical periods. Especially 
many models are available in the literatures for chloride-initiated reinforcement corrosion. 
 

Fig. 4-1 Main events related to the service life 

4.2.2.1 The initiation period 
The initiation period is a period during which chloride ingress in the concrete cover until, 
eventually a limit is reached when depassiviation takes place and corrosion begins to 
propagate. In this thesis, it is defined as a period from construction to initiation of rebar 
corrosion, i.e., when the chloride content at the depth of rebar has reached a critical value. 
Therefore the limit state function can be set as: 
 
 ; - ( ) Cl cr ClZ c c t=                          (4.1) 
 

Time 

Damage 

 II  I III IV I. Initiation of corrosion 
II. Cracking 

III. Spalling 
IV. Collapse 

Initiation Propagation 
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where: cCl;cr critical value of concentration of chloride [%] 
            cCl(t) concentration of chloride at time t at the cover depth [%] 
 
The development of probabilistic deterioration models for chloride ingress in the initiation 
period have been described in many publications (Gordon 1994, Duracrete 1997, 1998 and 
2000-2, Thoft-Christensen 1995, 2000 and 2001, Cheung 1996, Engelund 1996, Enright 1999, 
Karimi, et al. 1999, Capè 1999, Sterritt 2000, Stewart 2001, Chryssanthopoulos, et al. 2002, 
Vu, K. A.T et al. 2002, Liang et al. 2002, Gaal 2004, Zhang and Qin 2001, and etc.). In this 
thesis, the widely used Fick’s 2nd law of diffusion is applied to describe the chloride ingress 
into concrete. The general solution is as follows by assuming uniaxial penetration into a semi-
infinite medium (Crank 1975):  
 

; ; ;

0

( , ) ( )

4 ( )
Cl Cl i Cl s Cl i t

Cl

xc x t c c c erfc

D dτ τ

= + − ⋅

⋅ ⋅∫
   (4.2) 

where: 
            cCl(x,t) chloride content at time t at depth x from the concrete surface  
 cCl;i initial uniform chloride concentration in the concrete  
 cCl;s achieved chloride content at the concrete surface  
 x depth from the concrete surface into the concrete  
 t time of exposure period [year] 
 DCl chloride diffusion coefficient [m2/year] 
 
If the chloride diffusion coefficient is assumed to be constant, equation (4.2) becomes: 
 

; ; ;( , ) ( )
4Cl Cl i Cl s Cl i

Cl

xc x t c c c erfc
D t

= + − ⋅
⋅ ⋅

    (4.3) 

 
In reality, the chloride diffusion coefficient is changing with time since concrete is suffering a 
further hydration and drying out with time. Consequently, to increase the accuracy of the final 
reliability analysis, more and more researchers define the coefficient of diffusion as a function 
of time (Duracrete 2002-1):  
 

      0
;0( ) ( ) an

Cl Cl
tD t D
t

= ⋅                                                           (4.4) 

 
where na aging factor [-] 
 t0 reference period [year] 
 DCl;0 reference coefficient of diffusion [m2/year] 
 
The substitution of equation (4.4) into (4.3) is mathematically inconsistent, because one of the 
preconditions of the solution of Fick’s second law is the constant coefficient of diffusion over 
time (Gaal 2004). Suppose the diffusion coefficient is time-dependent, the analytical solution 

is only by replacing DCl in equation (4.3) with 0
;0

1 ( )
1

an
Cl

a

tD
n t

⋅ ⋅
−

, which comes from the 

integration of equation (4.4). Then equation (4.3) becomes: 
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    (4.5) 

 

4.2.2.2 The propagation period 
Generally, the propagation period is defined from the initiation of corrosion to structural 
failure, which includes 4 typical events: initiation of corrosion, cracking, spalling and 
structural failure. 
 
I) Initiation of rebar corrosion: once corrosion of a rebar in concrete is initiated by 
depassivation, phenomena may occur such as reduced rebar cross-section, changed rebar 
properties, deterioration of concrete cover and steel-to concrete bond. If corrosion proceeds at 
sufficient high rate, all of these phenomena may negatively affect performance and eventually 
structural capacity. Actually, corrosion takes place during the whole propagation period. 
Initiation of rebar corrosion itself does not necessarily represent an undesirable state, but 
without initiation the probability of these negative phenomena are absent. 
 This is why in many service life approaches, initiation is taken as an indicator of the 
need to carry out maintenance; usually preventive maintenance is sufficient to secure all the 
required level of performance. Models to predict corrosion initiation are simpler and more 
elaborated than models to predict cross sectional loss of rebar, cracking or spalling. 
 
II) Cracking: cracking of concrete cover occurs due to the expansive forces generated by the 
corrosion products. In this case the service life includes a certain propagation period of 
corrosion activity during which the cross-sectional area of the reinforcement is progressively 
reduced. The crack width depends on the amount of corrosion, the cover/diameter ratio, the 
concrete quality (tensile strength) and the position of the rebar. This cracking process begins 
when a certain a-priory selected or determined allowable crack width has been reached. Based 
on the available knowledge a value of 0.3 mm of crack width has been selected (Duracrete 
2000-1). 
 
III) Spalling: Continuing corrosion after cracking may lead to spalling, which may cause 
pieces of concrete cover to fall off the structure. Whether spalling is considered as a 
serviceability limit state depends on the situation if it is acceptable or not. For example, pieces 
of concrete falling off a bridge onto the road below may cause damage to the passing traffic or 
even cause accidents and injuries or loss of life. This is not acceptable. Based on available 
knowledge a value of 1 mm crack width has been selected to cause spalling (Duracrete 2000-
1).  
 
IV) Collapse: By further cross-sectional loss of the concrete and steel, or loss of steel-to- 
concrete bond (Duracrete 2000-1), collapse of the concrete structure eventually may occur if 
the load carrying capacity of the element is sufficiently reduced due to ongoing corrosion. It 
should be borne in mind that under normal conditions, the actual collapse of concrete 
structure is a rarely occurring event, since the extreme load conditions used during the design 
are only incidentally met in reality. It is assumed that visible signs of deterioration (e.g. 
cracking or spalling, etc. due to corrosion of reinforcing steel) represent no immediate threat 
to the load-bearing capacity of the structure.  
 



Chapter 4  45 

All the phenomena taking place in the propagation period are governed by complex 
interactions between corrosion, loading conditions, and reinforcement detailing, which are 
still not well understood. Based on experience (Engelund 1998), cracking and spalling 
(distinct signs of corrosion) will occur about 15 years after the initiation of corrosion. Small 
cracks and discolouration (rust stains) of the surface occur will occur about 7.5 years after the 
corrosion is initiated. Both points in time are normally distributed with a standard deviation of 
25%. However, this is still not enough to describe all the events quantitatively in the 
propagation period. This research tries the following models summarized from the Duracrete 
Project1 Reports to describe the propagation period in detail. 
 
The decisive parameter in the propagation period is the crack width in the concrete. Apart 
from aesthetic considerations, the crack width and its distribution, determine the durability 
and ultimately the service life of reinforced concrete structures (Noghabai 1998). In this 
thesis, the limit state function for the propagation period is therefore determined as a function 
of the crack width: 
 

     ,( ) ( )p cr i pg t w w t= −      (4.6) 
 
where tP time passed since initiation of rebar corrosion [year] 
 ,cr iw  critical value of crack width [mm] ( 1i =  for cracking, 2i =  for spalling) 
 ( )pw t  characteristic value of crack width after pt  years [mm] 
 
An empirical expression giving the crack width at year tp can be estimated (detailed derivation 
see Appendix E): 
 

, 1 2 3 ,( ) 0.05 [ ( / )]p corr a t p t splw t V W t s s a s fω α φ= + ⋅ ⋅ ⋅ ⋅ − + ⋅ + ⋅   (4.7) 
2/3 2 /3 2/3

, age co 1 20.3 (0.48 0.096 ln(t )) (f ) (Y ) Yt splf λ= ⋅ + ⋅ ⋅ ⋅ ⋅    (4.8) 
 
where ω parameter that controls the propagation [-] 

;corr aV  mean corrosion rate when corrosion is active [mm/year] 
Wt wetness period, i.e. the fraction of the year that corrosion is active [-] 
α pitting factor 
s1 regression parameter [mm] 
s2 regression parameter [mm] 
s3 regression parameter [mm/MPa] 

 a concrete cover depth [mm] 
 φ bar diameter [mm] 
 ft,spl tensile splitting strength of the concrete [MPa] 
 fco basic concrete compression strength of standard test specimens [MPa] 
 tage concrete age at the loading time [year] 

λ factor taking into account the systematic variation of in situ compressive 
strength and strength of standard tests [-] 

Y1 lognormal variable, representing additional variations due to the special 
placing, curing and hardening conditions of in situ concrete  

                                                 
1 “Probabilistic Performance based Durability Design of Concrete Structures”. This project was carried out in the 
framework of the Brite-EuRam Programme (project BE96-3942) from 1996-1999, with a financial contribution 
of the European Commission 
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Y2 lognormal variable representing variations due to factors not well accounted for 
by concrete compressive strength (e.g., gravel type and size, chemical 
composition of cement and other ingredients, climatical conditions).  

4.2.3 Concrete characteristics and reliability analysis 
 
If spatial variation of structural properties is not included, the specification of a random 
quantity generally needs to include: 
 
1) distribution type 
2) parameters like mean value and standard deviation 
3) fluctuation pattern in time 
 
If a variable is time-independent, then item 3) can be neglected. This applies, for example, to 
the concrete cover depth. If time is a factor that affects the value of the variable considerably, 
its fluctuation as a function of time is important. This pattern in time may be systematic 
fluctuation as well as random fluctuation. Such as the diffusion coefficient of chloride as 
shown in equation (4.4) is a kind of systematic fluctuation in time. If the fluctuation in time is 
random, then the correlation pattern of time or the spectrum is required. 
 
Subsequently, a probability-based reliability analysis as introduced in Chapter 3 will be 
carried out for the whole structure. The probability of failure (failure can be any situation 
when a particular limit state function is below zero) during the whole period of time can be 
obtained. 
 

4.3 Maintenance interventions for concrete structures 

4.3.1 Maintenance criterion 
The criterion for maintenance intervention in practice is usually based on a given percentage 
of the structural surface that shows signs of corrosion such as rust stains, cracks, delamination 
or spalling of concrete. However, if the impact of spatial variability is not included, the whole 
structure may deteriorate in the same manner at the same speed. It may not be possible to 
calculate the amount of surface area of the structure that shows signs of corrosion, as well as 
the moment when the damaged area reaches the maintenance intervention limit. Generally 
only target values can be set for the reliability analysis: the acceptable probability of failure or 
acceptable reliability index. An example is displayed in Fig. 4-2, showing that maintenance 
intervention becomes compulsory at time T1 to guarantee the safety of the structure is 
sufficient and its functional requirements are still met. In chapter 3, it has already been shown 
that for the common time-dependent reliability problems, the corresponding target failure 
probability for a period of time is not only time dependent but is also not decreasing with 
time. Therefore the target probability is assumed to be a monotonously increasing function of 
time.  
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Fig. 4-2 The criterion for onset of maintenance based on Probability of failure during the whole time 

4.3.2 Maintenance methods 
Based on the prediction of the deterioration process of a concrete structure, different 
maintenance strategies can be planned so as to ensure its lifetime requirements. These 
strategies are associated with different costs and can be applied at different stages of the 
deterioration process with different effects. 
 
Three main groups of strategies can be distinguished for the concrete maintenance 
interventions (Duracrete 2000-1): 
1) Preventive methods: Methods that aim at preventing deterioration from occurring. For 

example: coating, application of membranes, chloride removal, re-alkalization or sealer, 
cathodic prevention. 

2) Repair: These are actions with the purpose of restoring a damaged structure to the original 
condition or upgrading a damaged structure to an acceptable condition. For example: 
patch repair (local repair), replacement of the damaged cover to protect the rebars, 
cathodic protection, strengthening. 

3) Replacement: The substitution of the existing damaged element or structure by a new 
structure. 

The first two groups of interventions are the so-called preventive maintenance in Chapter 3 
and the third one belongs to the type of corrective maintenance. 

4.4 Inspection of concrete structures 
In many other countries, repair of concrete structures is primarily based on visual inspection 
that records the signs of deterioration such as cracking, spalling, rust stains, etc. For example, 
regular inspection (twice every year) by ordinary staff members aims at checking the function 
of all the components of the structures; meanwhile possible cleaning, lubrication and/or small 
maintenance work will be done.  
 
Technical inspection (once every 5-10 years) by specialists aims at checking the concrete 
cover, chloride profile, measurement of chemical potential, etc. This inspection serves as a 
tool for detecting detailed deterioration problems. Sometimes special additional mechanical 
inspections are performed with supplementary assessment to make a more founded decision. 
 
An inspection of a structure forms the basis for a structural assessment and decision analysis; 
different inspection methods with different accuracy and costs suit to different purposes. 
Generally the following types of inspection in practice are distinguished for concrete 
structures (Duracrete 2000-1, Engelund 1996 and Sterritt 2000): 
 
• Crack measurement 

Probability of failure for the total period of time 

Time (year) 

Target line 

T1 
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• Cover thickness measurement 
• Corrosion related measurement 

- Half-cell potential measurement 
- Corrosion current measurement 
- Concrete resistivity measurement 

• So-called advanced inspection methods 
- Infrared scanning, thermography  
- Radar  
- Ultrasonic measurement 
- Impact-echo  

• Measurement of chloride penetration profiles 
• Measurement of carbonation depth 
 
Given an inspection result, the future deterioration performance and reliability of the structure 
can be updated by using several methods such as Bayesian updating, or by finding the 
updated probability of failure directly through the definition of conditional probability as 
introduced in chapter 3.  
 

4.5 Decision of optimal maintenance strategy 
Based on the inspection and maintenance methods introduced before, all the possible various 
maintenance strategies (different maintenance methods, maintenance intervals, inspection 
methods, inspection intervals, etc.) are designed firstly to meet the required minimum 
reliability level. Detailed optimisation methods to determine the appropriate maintenance 
strategy for one structure are already introduced in chapter 3. 
 

4.6 Examples 
Four examples illustrate the general maintenance procedures for concrete structures: 
reliability analysis of concrete structures, the effect of different maintenance strategies and the 
determination of an optimal maintenance strategy, and design aspects including maintenance 
and inspection. 

Example I: No inspection and no maintenance 
A simply supported RC beam with a concentrated force F at mid-span is subjected to a 
combination of mechanical loading, carbonation-induced corrosion of reinforcement, chloride 
penetration and corrosion-based cracking ( Fig. 4-3). The reliability analysis is perform for a 
service life of 100 years. The total analysis is split-up in 5 steps: 

 Fig. 4-3 Concrete reinforced beam and loading condition, measures in mm. 

 
Step 1. The total failure process can be subdivided into the following stages: 

F 

3000 
250

400 
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1) The carbonation front progresses and reaches the surface of the rebar, so that 

rebar corrosion is initiated; 
2) The chloride concentration increases in the concrete and reaches its critical 

value at the rebar, so that rebar corrosion is initiated; 
3) After the initiation of rebar corrosion, the concrete cover cracks and 

subsequently the crack width reaches the critical value, which is the 
predetermined permissible crack width based on the available knowledge; 

4) The load-bearing capacity is lower than the external load. 
 

Step 2. The corresponding limit state functions maybe defined as: 
 

1) Carbonation-induced initiation of corrosion 

       ( )cZ a y t= −         (4.9) 

2) Chloride-induced initiation of corrosion 

      ; ( )Cl cr ClZ c c t= −       (4.10) 

3) Corrosion-induced cracking 

                 ( )crZ w w t= −        (4.11)       

4) Collapse failure of the beam 

                 1( ) ( )uZ M t M t= −                                       (4.12) 

where: a cover depth [mm] 
yc(t) carbonation front at time t [mm] 
cCl;cr critical value of concentration of chloride [%] 

            cCl(t) concentration of chloride at time t in depth a [%] 
wcr critical value of crack width [mm]  
w(t) crack width at time t [mm] 
Mu(t) bending capacity [N·mm] 
Ml(t) mid-span bending moment due to self weight and live load [N·mm] 
 

Step 3. Models for each stage 
 

1) For carbonation: carbonation proceeding in time as a sharp front causes corrosion 
of the reinforcement, which is initiated if the pH-value at the rebar drops below 9. 
This threshold value is defined as the critical “carbonation front”. The depth of the 
front in the concrete is estimated with the following model (CEB 1997, Duracrete 
1998): 
 

02( )
bn

e c t s
c

Carb

k k k c ty t t
R t

⋅ ⋅ ⋅ ⋅  = ⋅ ⋅ 
 

    (4.13)                        

 
where: 

t0 reference period, e.g. 1 year 
t time in service [year] 
RCarb effective carbonation resistance of concrete, taking binding into account, at 

defined compaction, curing and environmental conditions 
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[kgCO2/m3/mm2/year]: = /Carb b effR a D , Deff = effective diffusion coefficient at 
defined compaction, curing and environmental conditions [mm2/year]; ab = 
binding capacity for CO2 [kgCO2/m3] 

ke parameter which considers the influence of environment on Deff [-] 
kc  parameter which considers the influence of execution on Deff (e.g., influence of 

curing) 
kt  parameter which considers the influence of test method on Deff (e.g., realistic 

moisture history at the concrete surface during use) 
cs concentration of the passivator at the concrete surface [kgCO2/m3] 
nb constant parameter which considers the influence of meso-climatic conditions 

 
2) For chloride concentration: Corrosion of the reinforcement is initiated if the threshold 

concentration of chlorides at the reinforcement is exceeded. This process is modelled 
with equation (4.3). 

      
3) For cracking: The empirical expression for the characteristic crack width is given by 

Equation (4.7) and (4.8), where tp is the time passed since either the carbonation front 
reached the bar or the threshold concentration of chlorides exceeded at the bar.  It is 
the lowest value of time obtained from the equations (4.13) and (4.3). 

 
4) For collapse failure of the beam: Failure at the time when the load-bearing capacity is 

lower than the applied load (using the simplified model of Vrouwenvelder 1999) is 
caused by combination of mechanical loading and corrosion. In this case only the 
moment due to live load F is considered: 

 
                                              2( ) ( ) (1 / 2)u eff cM t b h f= Θ − Θ                                                (4.14) 

 
( )s y

eff c

A t f
bh f

Θ =       (4.15) 

 
0

( ) (1 ( ))s sA t A tα= −      (4.16) 
 

( ) (2 ) ( )P P
P corr

corr corr

t t t tt for t t t
t t

α − −
= − < <   (4.17) 

 
( ) / 4lM t Fl=       (4.18) 

 
where:   

b beam width [mm] 
heff effective beam height [mm] 
fc compressive strength [MPa] 
As(t) area of steel at time t [mm2] 
As0(t) initial area of steel at time t = 0 [mm2] 
fy yield stress of the main bars [MPa] 
tp same as in equation (4.4)  [years] 
tcorr the period from initiation to total deterioration. [years] 
F concentrated force at mid-span [N] 
l span of the beam [mm] 
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Step 4. Statistical quantification of the variables in the models (spatial variability is not 

considered in this chapter) 
 
1) For carbonation 

 
         Table 4-1 Statistical quantification of the variables for carbonation     

Variable Unit Distribution Mean Std. Dev. COV Reference 
a mm LN 35 10.5 0.30 - 
RCarb kgCO2/m3 

/mm2/year 
N 0.000072 0.0000108  

Cs kgCO2/m3 N 0.0006 0.0001  

Duracrete 
(2002-2) 

t Year D 100   - 
t0 Year D 1   - 
kt - N 0.98 0.05 0.08 
kc - D 1.0   
ke - N 1.0 0.1  
nb - D 0   

 
Duracrete 
(2002-2) 

 
2) For chloride penetration 
 

        Table 4-2 Statistical quantification of the variables for chloride penetration             

Variable Unit Distribution Mean Std. Dev. COV. Reference 
CCli % N 0.03 0.003 0.10 
CCls % N 1.6 0.256 0.16 
CCl;cr % N 0.45 0.072 0.16 
DCl m2/year N 2.336E-5 7.336E-6 0.31 

Duracrete 
(2002-2) 

a mm N 35 10.5 0.3 - 
 
3) For cracking: Exposure class is totally carbonated concrete (sheltered) 
 

       Table 4-3 Statistical quantification of the variables for cracking 

Variable Unit Distribution Mean Std. Dev. COV Reference 
a mm LN 35  0.30 - 
wc mm N 0.45  0.19 
VCorr mm/year N 0.002 0.001  
Wt - D 0.50 0  

Duracrete 
(2002-2) 
 

t year D 100   - 
φ  mm N 20  0.08 - 
fc MPa D 35   - 
Y2 - LN 1.0  0.30 
ω       - D 0.0125   

Duracrete 
(2002-2) 

 
4) For collapse failure 
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Table 4-4 Statistical quantification of the variables for collapse failure (Vrouwenvelder 1999) 

Variable Unit Distribution Mean Std. Dev. COV 
l mm D 3000   
heff mm D 351.5   
b mm D 250   
As0 mm2 D 1185   
fy MPa LN 573 46 0.08 
F N N 2E+5 2E+4 0.1 
tcorr year LN 500 17.5 0.35 

 
 

 
Step 5.  Calculation of failure probability 
With regard to the four failure processes, the probability of failure over the whole period of 
time is calculated and the results are shown in Fig. 4-4. Failure in this graph means the 
occurrence of initiation of carbonation corrosion, initiation of chloride corrosion, cracking or 
collapse, respectively.  
 
After the probability of failure has been calculated for the different failure processes over the 
whole period of time, the next step is to plan maintenance. If a predefined maintenance 
criterion (minimal or required probability of failure) cannot be met within the designed 
lifetime of the beam, maintenance is necessary to extend the lifetime of the beam (see 
following example II). 

 

Fig. 4-4 Probability of failure for the total period of time in different failure processes 

 

Example II: No inspection, with maintenance 
 
Again the hypothetical case of example I is considered. In this case however, only 
carbonation-induced corrosion is taken into account. The limit state function and the 
corresponding parameters are the same. 

 
Suppose that the design lifetime is 60 years. The maintenance criterion (target probability of 
failure), being a monotonously increasing function of time, is represented arbitrarily by a 
straight dashed line as shown in Fig. 4-5. Two maintenance options can be chosen (These 
options are very hypothetical, inspection of carbonation depth seems more appropriate before 
any action is taken in reality): 
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(1) Maintenance option I: Replacing the carbonated concrete as soon as the probability of 
failure PF has reached the target level (dashed line in the Fig. 4-5); it is assumed the beam can 
be restored to its original performance level after maintenance. This means that the beam 
begins to deteriorate again like a new structure in year zero.  
(2) Maintenance option II: Applying a coating on the beam every 15 years in order to reduce 
the carbonation rate. In the analysis, it is assumed that each coating can be modelled by an 
increase of the “effective” cover by 20%. 
 
The results with and without maintenance based on a Monte-Carlo simulation (details of this 
method see Appendix G), are shown in Fig. 4-5. It can be seen that without any form of 
maintenance, the beam reaches the target value after 20 years instead of 60 years. From a 
formal point of view, this means that maintenance is necessary.   
 
 
 

Fig. 4-5 Maintenance effects on the failure probability of the beam for the total period of time 

 
From the curves for the maintenance option I, it can be concluded that during the lifetime of 
60 years maintenance should be carried out twice (after about 20 years and 40 years) when the 
probability of failure of the beam reaches the target level. Maintenance option II turned out to 
be necessary on three occasions (at t= year 15, 30, 45) for the performance to meet the 
requirements for the whole period. 
 
Which maintenance option to be chosen depends on the costs. Assuming a price for:  
 replacing the carbonated concrete of 5000 euro/time 
 coating the beam surface of  1000 euro/time 
then:  

the total maintenance costs for option (1) become: 5000×2=10000 euro 
 the total maintenance costs for option (2) become: 1000×3=3000 euro 
 
This shows that maintenance option II is the optimal choice for this concrete beam as could be 
expected. 
 
There are, of course, many strategies fulfilling the criterion of minimal acceptable 
performance. The first step would be to combine maintenance and inspection. As said before, 
inspection may reveal that maintenance may be postponed. The final aim is to find the 
strategy with the lowest costs. Another kind of optimisation regarding to the concrete cover 
thickness is shown in example III. 
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Example III: With one inspection 
 
A bridge is regarded that was built in 1960 with a designed lifetime of 80 years. Deterioration 
caused by chloride-initiated corrosion is considered. In order to safeguard the reliability of 
this bridge for 80 years, one inspection was performed, and future maintenance (coating) is 
planned. The effects of probability-based inspection and maintenance are discussed in this 
case by the following steps (Li 2002-2, Li & Djorai et.al 2002).  
 
Step 1. Deterioration prediction by Monte-Carlo simulation 
 
With respect to chloride ingress, the process is modelled with the same equations (4.1) and 
(4.3). But the chloride diffusion coefficient DCl is defined as a time-dependent variable as 
defined by equation (4.4).  

                       
The input values of the random variables are presented in Table 4-5. 
 

              Table 4-5 Properties of variables 

Variable Unit Distribution Mean Std. Dev. 
CCli % N 0.03 0.003 
CCls % N 1.7 0.425 
CCl;cr % N 0.5 0.1 
DCl;0 m2/Year N 6.20E-5 9.9E-6 
a mm N 51.3 9.7 
t0 year  0.0767 - 
na - Beta 0.5 0.07 

 
By use of the Monte-Carlo Method (details see Appendix G), the probability of failure 
(initiation of reinforcement corrosion) over the total period of time t can be obtained (as 
shown in Fig. 4-6). 
 

 
Fig. 4-6 Probability of failure over the whole period of time  

 
At the year 2020, the probability of failure does not satisfy the required target level any more. 
Note that by the way of example, this target line was set more or less arbitrarily just for this 
example. Nevertheless inspection and maintenance intervention needs to be arranged. Fig. 4-7 
shows the possible decision tree for this maintenance strategy. Inspection is planned first to 
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make the decision for maintenance action (coating or no coating), after that repair can be 
chosen if necessary. 
 

Coating

No
coating

Inspection
 at t1

Repair

No repair

Repair

No repair

  at t2

    at t2

 at t3

  at t3

 
Fig. 4-7 Event tree for maintenance strategy 

 
 
Step 2. Bayesian updating 

  
It is assumed that this bridge was inspected in 1990. Six cores were drilled in the deck of the 
structure (Fig. 4-8). Chloride profiles were measured, and the concentration of chlorides at the 
concrete surface (cCl;s) and the chloride diffusion coefficient (DCl;0) were data-mined. 
Inspection results are shown in Table 4-7. (The data is obtained by random generation 
satisfying the normal distribution with the same mean and standard deviation as in Table 4-6.) 

Fig. 4-8 Position of the six drilled cores. 

 

Table 4-6 Test results 

Variable Core1 Core2 Core3 Core4 Core5 Core6 Mean Sta. 
Deviation 

cCl;s (%) 1.74 1.89 1.29 2.04  0.72  2.34 1.67 0.58 
DCl;0  

(·10
-6

 m
2
/year) 

71.3 62.5 64.4 64.2 68.8 67.9 66.5 3.3 

 
A Bayesian evaluation method (JCSS1996) then is used to update the mean value and the 
standard deviation of the variables based on the new inspection data (6 samples) in Table 4-6. 
It is assumed there are 5 samples for the prior data. The updated results are derived in 
Appendix B and are shown in Table 4-7: 
 

Table 4-7 Prior data, inspection data and posterior data after Bayesian updating 

 Prior data  
(5 samples) 

Inspection data  
(6 samples) 

Posterior data 

Variable Mean Sta. 
Deviation 

Mean Sta. Deviation Mean Sta. 
Deviation 

cCl;s (%) 1.70 0.43 1.67 0.58 1.68 0.49 
DCl;0 (·10

-6
 m

2
/year) 62.0 9.9 66.5 3.3 64.5 7.4 

 

l 

Inspected 
point 
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The updated density functions for cCl;s and DCl;0 can be seen in Fig. 4-9 and Fig. 4-10: 
 

 
Fig. 4-9 Density function of Concentration of chlorides at the concrete surface (cCl;s ) 

 

 
Fig. 4-10 Density function of chloride diffusion coefficient (DCl;0) 

 
Based on the updated estimates, the posterior probability of failure can be obtained (Fig. 
4-11). It can be noticed that the new failure probability development is faster than the original 
predicted one; therefore the time for maintenance and/or repair needs to be shifted forward.  
 

 
Fig. 4-11 Updated probability of failure over the total period of time by Bayesian method 

 
Step 3. Maintenance intervention (Coating) 
 
 
 

Posterior 
 
Prior 
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Instead of carrying out maintenance or repairs in 2020 when the target level will be reached, it 
is also possible to apply a “preventive” maintenance coating 10 years earlier ( 2010ct = ). It is 
assumed hypothetically that after coating, the chloride penetration into the concrete starts 
from the beginning (in reality, the effect of coating does not like this: The coating prevents 
new chloride entering the concrete, but the “old” chloride in the concrete does not disappear 
but redistribute. This is a complex process that is skipped in the calculation of this example). 
The effect of maintenance can be seen as shown in Fig. 4-12 that the corrosion rate is slowing 
down afterwards.  

In reality, it may also be possible to measure the chloride concentration first before 
taking any maintenance action. 

 
Fig. 4-12 Maintenance Effect (coating) 

 

Example IV: Design including maintenance and inspection 
In this case (Li 2002-2 and Li & Djorai et.al 2002), cost optimization is carried out based on 
the constraint optimization problem introduced in Chapter 3 where failure costs are neglected 
under the reliability constraint in example III shown in Fig. 4-6. The optimization is to 
optimise the direct cost of the structure. It has been decided to apply an optimised concrete 
cover in the design of similar new structures.  
 
The life-cycle cost of the structure is defined as:  
 

                                   L I INS CMC C C C= + +      (4.19)                        
 
where: CCM is the maintenance cost for coating after year tC, CI is the initial investment cost, 
and CINS is the inspection cost.  
 
To perform the analysis, the time development of costs will be considered. The maintenance 
cost has to be discounted to the actual value by:   

                       
  ( ) /(1 ) Ct

CM CM CC C t r= +      (4.20)                        
where: 
 CCM  coating cost at present value 

CCM(tC) coating cost at current price 
r  the discount rate (5%) 
tC  the time in years until coating is done 
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In this example, however, all the costs are transformed in a simplified way to the annual cost 
CAI: 
 

                             
1 (1 )

AI AI
I i

i

C CC
r r

∞

=

= =
+∑                                                       (4.21) 

 
                         So: AI IC C r= ⋅      (4.22)                        

 
The annual inspection cost CAINS and coating cost CACM are approximated as: 
 

                         
0

( ) ( )1( )   
1 (1 ) (1 )C C

i
CM C CM C

ACM ACMt t
i

C t r C tC C
r r r

∞

=

⋅
⋅ = ⇒ =

+ + +∑                  (4.23)   

    

                                
0

1( )   
1 (1 ) (1 )C C

i
INS INS

AINS AINSt t
i

C r CC C
r r r

∞

=

⋅
⋅ = ⇒ =

+ + +∑   (4.24)   

                       

so:                ( ( ))
(1 ) c

INS CM C
AL AI AINS ACM I t

C C t rC C C C C r
r

+ ⋅
= + + = +

+
                  (4.25) 

where: 
CAL annual average life cycle cost 
CINS inspection cost at planned time tc 
CAINS annual inspection cost 
CAI annual initial investment cost (pay for the bank) 
CACM annual average maintenance cost 
r the discount rate 

 
In equation (4.25), CI, CCM and tC are assumed to be dependent on the concrete cover a, 
therefore it is useful to try to find the cover that reduces the annual average life cycle cost to a 
minimum: 
 
1) Relationship between concrete cover and coating time 
 

Fig. 4-13 Probability of failure with different concrete cover 
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In Fig. 4-13 the relationship can be found between coating time tC (when the target level is 
reached) and cover a, from which Fig. 4-14 and Table 4-8 can be obtained: 
 

Table 4-8 Relation between cover and coating time 

Cover (mm) 50 45 40 35 
Coating time tC  (year) 68 54 40 32 

 

Fig. 4-14 Relationship between concrete cover and maintenance (coating) time 

 
By curve fitting, the following linear relationship can be obtained:  
 

                                            2.4 52Ct a= −      (4.26)                        
 
The relationship between the concrete cover and the costs is hypothetically set as follows: 
2) Relationship between concrete cover and initial investment cost (in Euro, r=5%)  
 

It is assumed that: 1000 500000IC a= +                                                                         (4.27) 
 
3) Relationship between concrete cover and repair coating cost (in Euro) 

 
It is assumed that: 50 50000RC a= +                                                                               (4.28) 

 
4) The assumed inspection cost is 50000 euro  

    Therefore: (2.4 52)

(50000 (50 50000)) 0.05(1000 500000) 0.05
(1 0.05)AL a

aC a −

+ + ⋅
= + ⋅ +

+
             (4.29) 
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Fig. 4-15 Relationship between the annual average life cycle costs and concrete cover 

 
 
It is clear in Fig. 4-15 that: for Min (CAL), a = 43 mm. This value can be recommended for 
similar designs in the future. 
 
Examples III and IV show the effects of inspection and maintenance by coating in 
combination with the calculation of the annual life-cycle costs. As a result, an optimal 
concrete cover can be chosen for designing similar new structures. It also shows that the 
probabilistic prediction of the effect of inspection and maintenance methods yields a rational 
way for assessing the optimal management method for deteriorating concrete structures. 



 

 

Chapter 5 
 
 

 
 

5 Maintenance of Concrete Structures With Spatial 
Variability 

5.1 Introduction 
 
The fact that many parameters show spatial random variability (so-called stochastic fields), 
which is caused by the variability of exposure environment, materials, and workmanship, is 
not included in most of the studies. If random spatial variability is not considered that is to say 
the spatial correlation of a structure or an element is not clear. Therefore, the result at one 
point cannot be specified explicitly, it may be applicable only for one point, for several points 
or for the whole element, it may also be applicable for the complete structure or even the total 
set of structures. This is of course not very realistic. When approaching the deterioration 
mechanism in terms of the probability of failure for a structure, then the basic question is: 
“what does it mean if there is a 10% probability of failure (e.g. initiation of reinforcement 
corrosion)?” Consider for example a set of 100 beams.  In that case a failure probability of 10 
percent could mean that: 

1) 10 beams have completely failed, the other 90 beams are in good condition; 
2) Every beam has 10% damage; 
3) Every situation in between. 

In order to find out the correct meaning of 10% failure, the models should be lifted to a higher 
level by including the impact of spatial fluctuation of physical properties. Until now, some 
work or proposals concerning spatial variation for durability aspects of concrete structures 
have been done: (Hergenroeder & Rackwitz 1992), (Engelund 1998, 1999, and 2000, 
Sφrensen 1999), (Sterritt 1999, Karimi & Ramachandran 1999, Chryssanthopoulos 2002), (Vu 
& Stewart 2001, Vu & Stewart 2002, Stewart 2003, Stewart & Faber 2003) and (Faber 2002). 
 
The method of considering spatial variability in the reliability calculation and its impact on 
the inspection or repair decisions for concrete structures will be discussed in the next sections. 
Furthermore, different repair strategies and their costs are compared with consideration of the 
effect of spatial variability. The primary motivation is to attempt to have proper answers for 
the following questions: 

1) What is the mean and variation of the total area of damage due to corrosion as a 
function of time? 

2) How many damaged areas can be expected in the structure? 
 
Chapter 5 works out in detail the main task of this Ph.D project “Effect of Spatial Variability 
on Maintenance and Repair Decisions for Concrete Structures”. An improved approach with 
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the maintenance cost prediction model that helps to determine the optimal maintenance 
strategy is developed with special modelling of random spatial variability of concrete 
properties. This approach will be demonstrated in Chapter 6 by three practical cases. The 
main topics of this chapter are summarized below. Compared with the studies without 
consideration of spatial variability, this approach is more realistic. It cannot only predict the 
spatial evolution of failure development, but also enable the planning of different repair and 
maintenance strategies for the structure from a practical repair criterion point of view. 
 
Deterioration prediction  
Deterioration of concrete structures is modelled for the main mechanism of chloride-induced 
corrosion. The innovation of the project is that spatial variability of concrete degradation is 
considered in the reliability analysis. This facilitates a process in which details are discussed 
regarding the modelling, impact and application of spatial variability. 
 
Maintenance interventions 
Incorporating the effect of spatial variability provides an improved approach for the analysis 
of maintenance criteria, maintenance strategies and maintenance cost calculation from the 
practice point of view given the visual inspection results.  
 
Optimal maintenance strategy 
Maintenance effects of different strategies on the deterioration process of concrete structures 
will be discussed based on the deterioration prediction model. A maintenance cost prediction 
model that helps to determine the optimal maintenance strategy is developed, which enables 
the calculation of the expected total maintenance costs for different strategies. 
 

5.2 Deterioration prediction for concrete structures with spatial 
variability 

5.2.1 Modelling of concrete deterioration  
The deterioration mechanisms of concrete structures and the corresponding models for the 
process of initiation and propagation are the same as introduced in Chapter 4. The only 
difference regarding spatial variability of concrete characteristics is elaborated in the next 
section. 
 

5.2.2 Concrete characteristics with spatial variability 
 
The specification of a random quantity needs to include: 
 
• Distribution type 
• Parameters like mean value and standard deviation 
• Its fluctuation pattern in time 
• Its fluctuation pattern in space 
 
If a physical quantity is random, in most cases, only the first three or even only the first two 
items of the previous list are dealt with. If a physical quantity fluctuates randomly in space it is 
called a random field. In order to describe the spatial random field it is not sufficient to have 
only the distribution of the arbitrary point value.  
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Spatial variability of physical properties includes systematic spatial variation (variation of the 
mean value and standard deviation) and random spatial variation. Consider e.g. a concrete 
bridge deck: the chloride content at the two side-areas of the deck is normally higher than in the 
middle part of the deck due to the spray of chloride by the passing vehicles. This includes that 
the mean of the chloride content is higher at the two side areas than in the middle, this effect is 
called “systematic spatial variation”. At the same time the chloride content varies from point to 
point around its corresponding mean value, independent of the area under consideration. This 
property is called “random spatial variation”. 
 
The systematic spatial variation is relatively easy to be modelled, since its governing variation 
laws are quite clear. For example, the formerly mentioned concrete bridge deck can be divided 
into smaller sections or elements with different properties (e.g. two sections at the two side 
areas of the deck and one section in the middle part of the deck), where it is assumed systematic 
spatial variation in each section is zero. The description of random spatial variation is more 
complex and requires a more advanced modelling of the random variables as well as a more 
advanced calculation procedure.   
 
Many current studies neglect the random spatial variation within a structure or an element and 
take the structure or the element as a fully correlated one to have homogenous material; the 
result at one point may hold for the entire element. Such a model would only suggest a total 
repair or replacement of the structure or the element and local repair seems to be ruled out as a 
reasonable option. It may be clear that such a model is not suited in all the cases (Duracrete 
1999). For example, the appearance of rust stains, cracking and spalling of concrete structures 
are not the same across the whole concrete surface, and the level of exposure to aggressive 
agents such as chlorides is also spatially variable. These mean that corrosion initiation and 
propagation of concrete are spatially variable, one should be aware that all such spatial 
fluctuations might be important and could significantly influence the structural and 
serviceability performance of structural systems. Stewart (2003) has found that the inclusion of 
spatial variability of pitting corrosion can lead to significant decreases in structural reliability, at 
least for flexural reinforced concrete structural members. Therefore, if the spatial variation is 
perceived to be important, it should be modelled in such a way that the correct decisions are 
taken from the model. 
 
The full description of a random field requires some additional modelling with respect to its 
correlation structure in space. A very common type of field is the Gaussian distribution. Here 
the density function is Gaussian for all points in space. In order to describe such a process in 
detail, the following is needed: 
 
• The mean as a function of spatial coordinates 
• The standard deviation as a function of spatial coordinates 
• The correlation for each pair of points  
 
If the mean and the standard deviation do not depend on the spatial coordinates and the 
correlation is only a function of the distance ∆x between two points, the field is called 
homogeneous. It is assumed that the field is a homogeneous Gaussian field. Normally, of 
course, random fields are seldom homogeneous. Many properties may differ systematically 
from point to point. For many applications, however, the homogeneous Gaussian field may be a 
helpful tool in the statistical description of spatial random properties. Note that it is also 
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possible to superimpose a homogeneous field on top of a deterministic field that describes the 
systematic variations in space. 
 
For the description of a homogeneous Gaussian field, the following is required: 
 
• One value for the mean 
• One value for the standard deviation 
• A correlation function depending only on ∆x 
 
The correlation between different points ρ(∆x) for each variable can be calculated by the 
following empirical equation, which is only a function of distance between two points ∆x 
(Vrijling 1999, Vrouwenvelder & Vrijling 2002 and JCSS 2001): 
 

 ))(exp()1()( 2
00 d

xx ∆
−−+=∆ ρρρ                                                          (5.1) 

 
where: ρ0 a common source of correlation coefficient for all elements, 
 ∆x distance between two points (sections) [m] 
 d fluctuation scale [m] 
For example, the next 2 figures show the fluctuation in concrete cover depth of a beam and its 
correlation in space as a function of distance when the common source of correlation 
coefficient within the beam ρ0 = 0.5 and the fluctuation scale d = 2.0 m. From Fig. 5-2, it can 
be concluded that the correlation coefficient of any two points of cover depth convergences to 
ρ0 for distances that are significantly larger than d. If the distance is less than d/2, the 
correlation coefficient is approximately equal to 1. 
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Fig. 5-1 Spatial fluctuation of concrete cover along the beam 

 

0 

0.2 

0.4 

0.6 

0.8 

1 

0 2 4 6 

distance ∆x  [m]

ρ(∆x) 

 
Fig. 5-2 Correlation function when ρo = 0.5 and d = 2.0 m 
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5.2.3 Reliability analysis 

5.2.3.1 Structural Discretisation  
A structure can be divided into sections based on different criteria, for example based on 
systematic spatial variation, vulnerability to damage, environmental condition, structure, 
loading or construction situation, etc. Each section is looked upon as an independent spatial 
random field. For the sake of simplicity, the research focuses on a rectangular section from a 
concrete structure. For the example of a concrete bridge as shown in Fig. 5-3, the two edges 
of the deck (two-Area1 where two-Area2 are included) are heavily attacked areas by chloride 
from the passing vehicles. Meanwhile from structural safety point of view, section Area2 is a 
very critical part of the deck.  Therefore, Area2 is chosen as a research object. 
 

Fig. 5-3 Schematic view of a bridge 

 
The spatial description of random variables is incorporated by one-dimensional or two-
dimensional model discretisation (Li & Vrouwenvelder 2004). For that purpose the section is 
divided into elements. The number of elements depends on the fluctuation scale of the 
random variable. It is assumed that there is no random spatial variation within an element. So, 
if the distance between two neighbouring elements is less than half the fluctuation scale d, the 
correlation coefficient is approximately equal to 1 (Fig. 5-2). The application of more 
elements provides more accurate results but also requires more computer time. If the 
fluctuation of variables in one direction of the section (e.g. y-direction) can be neglected 
compared with the other direction (e.g. x-direction), a simple 1-dimensional model can be 
applied (Fig. 5-4). Otherwise a 2-dimentional model should be used (Fig. 5-5). 
 
1-dimensional model 
The section “Area2” is subdivided into mx equally sized elements in one direction (the x-
direction for Area2). 
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Fig. 5-4 Discretisation according to a 1-dimensional model 

 
2-dimentional model 
The section “Area2” is subdivided into mx equally sized elements in x direction and my 
equally sized elements in y direction.  

Fig. 5-5 Discretisation according to a 2-dimensional model  

 

5.2.3.2 Computational method 
The first step is to develop limit state functions (critical failure modes) for each element in 
Fig. 5-4 or Fig. 5-5 in terms of the random variables in the failure modes. For the entire limit 
state functions of the deterioration in the initiation and propagation period, statistical 
characteristics for the random variables such as mean and standard deviation have to be 
determined. There are now a lot of test data or practical experience to determine these values. 
The point is that one has to make a rational choice for the variables with spatial variation and 
determine the spatial parameters ρ0 and d, which almost no reference or test data can be found. 
This choice depends on the availability of data gathered by actual measurements on the object 
and the intention of the model. 
 
Monte Carlo Method (detailed theory see Appendix G) can perform the reliability analysis 
with respect to the occurrence of each possible failure mode. It is carried out in the space of 
independent standard normal variables. Therefore, a transformation must be carried out for 
the correlated random variables due to the spatial variability (Thoft-Christensen 1986). The 
detailed transformation process is shown in Appendix C. 
 
After adopting the spatial approach as introduced above, besides finding the probabilities of 
failure for different limit state functions over the lifetime interval as discussed in Chapter 4, 
the whole life performance of a deteriorating structure can be characterised in a new way. 
Namely, the development of the number of totally failed elements (area) over the lifetime 
interval based on different limit state functions, which favours the planning of repair and 
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maintenance strategies. In the hypothetical example of the next section, the deterioration 
process and the effect of different degrees of spatial variability are analysed in detail, where 
failure can be initiation either by rebar corrosion, or by elements with cracking, or by 
elements with spalling, etc. 
 

5.2.3.3 Deterioration results with different spatial variability  
For example, for the section “Area 2” (size 18m length × 6m width) of the concrete beam-
bridge in Fig. 5-3, it is assumed that the deterioration of concrete is caused only by chloride 
ingress, and failure means initiation of chloride-induced rebar corrosion. The designed 
lifetime is set to be 80 years. 
 
The chloride concentration at the rebar in year t can be modelled as discussed in Chapter 4 by 
the equation (4.2), and the corresponding limit state function for each element is given by: 
 

  ; , , ( )i Cl cr i Cl iZ c c t= −                                                             (5.2) 
 
where “i” refers to every element of the object, and the meaning of other parameters see 
equation (4.1) in Chapter 4. 
 
Three typical modelling scenarios have been conducted to investigate the effects of different 
types of spatial correlation (Li & Vrouwenvelder 2004): 

(a) Low correlation of all the elements 
(b) Median correlation of all the elements 
(c) Full correlation of all the elements 

 
The inputs of the variables are given in Table 5-1 (the initial chloride concentration in the 
concrete is neglected).   
 

Table 5-1 Input data 

Scenarios  
(a) low correlation (b) median correlation (c) full correlation

Variable Distribution Mean Std. Dev. ρ0   d ρ0   d ρ0   d 
CCls Normal 1.7% 0.425% 0 2 m 0.5 2 m 1 ∞ 
CCl;cr Normal 0.5% 0.1% Independent 1 ∞ 1 ∞ 
DCl Normal 2E-5 

m2/Year 
7E-6 
m2/Year 

Independent 1 ∞ 1 ∞ 

a Normal 60 mm 9.7 mm 0 2 m 0.5 2 m 1 ∞ 
 
 
1) Results I: the probability of first corrosion failure 

 
The probabilities that at least one element has failed (the so-called probability of first 
corrosion failure), are presented in Fig. 5-6. The 1-dimensional model and 2-dimensional 
model give the same results.  
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Fig. 5-6 Probability of first corrosion failure ((a) low correlation;  (b) Median correlation;  (c) Full correlation)  

 
In Fig. 5-6, it can be seen that the different correlations cause a large difference in results. The 
probability of first corrosion failure is becoming larger with the decrease of the correlation 
between elements. For example: The probability of first corrosion failure changes from 25% 
via 80% to 100% in year 60 if the element correlation changes from “full” via “median” to 
“low”.  
 
If all the variables of the elements are fully correlated (ρ0 = 1), the probability of failure for 
each element is the same as for the whole structural section. For example in year 60, the 
probability of failure for one element is 25%, then the probability of failure for all of the 
elements in year 60 is 25% and this probability applies to the whole structural section as well. 
 
2) Results II: the proportions of the corroded area as a random function of time  
 
The proportions of the corroded area as a random function of time are shown in Fig. 5-7 (1-
dimensional model) and Fig. 5-8 (2-dimensional model). It can be seen that the results for the 
proportion of the corroded area are similar for the 1-dimensional model and the 2-dimensional 
model. The three curves in each graph can be earmarked as a rough representation of the 
lower bound, average value and upper bound of damaged area. It shows the mean value and 
variation of the failed area development over time. As the same situation with results I, the 
different correlations cause a large difference for results II. A view can be obtained of the 
large variation in damage situation of the section in each year for different correlations from 
low to full. The detailed meanings of the figures are given in the next paragraphs. 
 
 

               
(a) low correlation                                       (b) median correlation 



Chapter 5  69 

 

 
(c) full correlation 

Fig. 5-7 Proportion of corroded area with time under different correlations (1-dimensional model) 

 

                       (a) low correlation                                 (b) median correlation 
 

 
 

(c) full correlation 

Fig. 5-8 Proportion of corroded area with time under different correlations (2-dimensional model) 

Acor: Corroded area [m2]; A: Total area of the section [m2] 
 
 
The results of year 60 in Fig. 5-8(b) are used to explain the meaning of 20%, 50% and 80% in 
each figure for the section “Area2”:  

 
• The value of Acor/A is 0.1 for the curve of 50%, which means that at year 60 the 

probability to find a proportion of corroded area (Acor/A) less than 0.1 is 50%: 
{ }/ 0.1 50%corP A A ≤ = . 

• The value of Acor/A is 0.6 for the curve of 80%, which means that at year 60 the 
probability to find a proportion of corroded area (Acor/A) less than 0.6 is 80%: 

{ }/ 0.6 80%corP A A ≤ = . 
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• The value of Acor/A is 0 for the curve of 20%, which means that at year 60 the 
probability of no failure is 20%: { }/ 0 20%corP A A = = .  

 
The same results of year 60 in Fig. 5-8(b) can also be used to explain for a group of similar 
sections of “Area2” (e.g. n = 100 sections). First the sections are ordered with respect to the 
corroded area ranging from large to small as shown in Fig. 5-9. Then for the same three 
curves in Fig. 5-8(b) the following explanations can be made: 
 

• The value of Acor/A is 0.1 for the curve of 50%, which means section 1 to 50, the 
proportion of corroded area for each section is less than 0.1; or section 51 to 100, the 
proportion of corroded area for each section is larger than 0.1. 

• The value of Acor/A is 0.6 for the curve of 80%, which means section 1 to 80, the 
proportion of corroded area for each section is less than 0.6; the other 20% (section 81 
to 100) will have relatively serious damage because the proportion of corroded area 
for each section is larger than 0.6;  

• The value of Acor/A is 0 for the curve of 20%, which means the section 1 to 20 have no 
damage. 

 

Fig. 5-9 Schematic drawing of a group of sections with ordered corroded area 

 
 

The variation between the upper bound and lower bound of the corroded area for each year is 
becoming smaller if the variables are changing from high to low correlation (Fig. 5-7 and Fig. 
5-8 from (a) to (b)). The variation of the bounds may change from 10% to 100%. 

 
The larger the correlation of all the elements, the shorter the period in which initiation of rebar 
corrosion grows (the steeper the curves) but the later the first year when rebar initiates 
corrosion. For example in Fig. 5-8(a), on average, the first year when rebar initiates corrosion 
is at year 20 and it takes about 35 years for the section from the first corrosion to reach the 
corrosion proportion of 0.2.  While in Fig. 5-8(b), on average, the first year when rebar 
initiates corrosion is at year 40 (20 years later than in figure (a)) and it takes about only 28 
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years for the section from the first corrosion to reach the corrosion proportion of 0.2 (7 years 
less than in figure (a)).    

 
If the variables are fully correlated (ρ0 = 1) (This is the common case that no spatial 
variability is considered in a lot of studies), only two states of corrosion are possible: no 
corrosion or completely corroded (Fig. 5-7c and Fig. 5-8c). For example in year 60, the 
probability that the section is completely corroded is 20%, and the probability that the section 
is in acceptable condition is 80%. 
 
The conclusion can be drawn that it is important to find the right spatial variation of the 
parameters so as to evaluate the right condition of the structure. From a practical perspective, 
the spatial variability of deterioration is a fact of life. From a theoretical perspective, the 
prediction of the spatial variability presents a challenge. Up to now no specific standardized 
format has been used, on which a general prediction of the deterioration behaviour can be 
founded. For the scope of this thesis the availability of data about the actual variability is 
assumed to be present. Some practical investigation is shown in Appendix D. 

5.2.3.4 Influence of spatial fluctuation parameters 
Great impact of spatial variation on the reliability results is found in the previous paragraphs, 
where the common correlation coefficient of all elements (ρ0) and the fluctuation scale (d) are 
two important spatial fluctuation parameters. Based on the same example and same input 
parameters for the deterioration models in scenario (b) of Table 5-1, the influence of these 
two parameters on the reliability results is analysed separately by the cases listed in Table 5-2. 
Both the surface chloride content and the concrete cover have the same spatial parameters as 
shown in this table. 
 
Besides the above two cases, the size effect of the elements discretisized is also investigated 
in case III. The first two cases are based on the same size (number of elements = 30*10=300) 
 

Table 5-2 Scenarios for analysing the influence of the spatial fluctuation parameters 

Cases I: ρ0 is constant II: d is constant III: ρ0, d is constant 
No. of 

elements 
30*10 30*10 30*1

0 
20*8 10*5 8*3 

Scenario (a) (b) (c) 
 

(d) (e) 
 

(f) (i) (j) (k) 
 

(l) (m) (n) 

ρ0 0.5 0.5 0.5 0.5 0 0.3 0.6 0.9 0.5 0.5 0.5 0.5 
d [m] 0.5 2 4 6 2 2 2 2 2 2 2 2 

 
 
Case I: ρ0 is constant (ρ0 = 0.5) 
 
The proportion of corroding area (with initiation of rebar corrosion) under different 
fluctuation scales is shown in Fig. 5-10. (When d = 4 m and d = 6 m, the lower bound (20%) 
of Acor/A = 0 within 80 years, they cannot be found in the figures) 
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Fig. 5-10 Influence of the fluctuation scale on the deterioration process 

 
Case II: d is constant (d = 2 m)  
 
The proportion of corroding area (with initiation of rebar corrosion) under different common 
source of correlation is shown in Fig. 5-11. (When ρ0 = 0.9, the lower bound (20%) of Acor/A 
= 0 within 80 years, it cannot be found in the figure) 
 

 
Fig. 5-11 Influence of the common source of correlation on the deterioration process 
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The previous figures show clearly the great influence of these two spatial fluctuation 
parameters on the deterioration results. The two parameters almost have the same effect on 
the final results: 

• The larger the fluctuation scale d, the larger the difference between the upper bound 
and lower bound values of the corroding area. 

• The larger the fluctuation scale d, the later the first year when the rebar corrosion 
initiates. For example the first average year (50% probability) that the rebar corrosion 
initiates changes from year 25 to year 35, 45 or 60 when the “d” changes from 0.5 m 
to 2 m, 4 m or 6 m, respectively. 

• The larger the fluctuation scale d, the shorter the period in which initiation of rebar 
corrosion grows (the steeper the curves). 

• The larger the common source of correlation coefficient ρ0, the larger the difference 
between the upper bound and lower bound values of the corroded area. 

• The larger the common source of correlation ρ0, the later the rebar corrosion initiates. 
For example the first average year (50% probability) that the rebar corrosion initiates 
changes from year 17 to year 22, 37 and 57 when “ρ0” changes from 0 to 0.3, 0.6 and 
0.9, respectively. 

• The larger the common source of correlation coefficient ρ0, the shorter the period in 
which initiation of rebar corrosion grows (the steeper the curves). 

 
Case III: ρ0 and d is constant (ρ0 = 0.5, d = 2 m)  
 
The proportion of corroding area (with initiation of rebar corrosion) under different sizes of 
the elements is shown in Fig. 5-12. (When No. of elements = 8*3, the lower bound (20%) of 
Acor/A = 0 within 80 years, it cannot be found in the figure) 
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Fig. 5-12 Influence of the size of the elements discretisized on the deterioration process 
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In the assumption in section 6.2.2 that if the size of the element (width and length) is less than 
d/2, the correlation coefficient within this element is approximately equal to 1. In Fig. 5-12, 
the first two figures (No. of elements = 30* 10 and 20*8) can satisfy this assumption, but the 
last two figures (No. of elements = 10* 5 and 8*3) cannot satisfy this assumption. The 
calculation results show that if the assumption is satisfied, the curve is smooth and the 
proportion of corroding area is stable. If more elements are discretisized, the proportion of 
corroding area during the whole period of time will converge to one fixed curve but take more 
computation time. The last two figures cannot satisfy this assumption, so the results have 
relative big variation and not stable. The less the number of elements, the larger the variation 
of the results. 
 

5.3 Maintenance for concrete structures with spatial variability 

5.3.1 Practical maintenance criterion 
In many countries, repair of concrete structures is primarily based on visual inspection that 
records the signs of deterioration such as cracking, spalling, rust stains, etc. The constraint is 
set with respect to the serviceability limit states instead of the ultimate limit state. Therefore, 
the commonly used practical criterion for the onset of maintenance and repair is usually based 
on a given percentage of the entire structural surface that shows signs of concrete damage 
instead of the reliability constraint introduced previously as: PF < PF

*. Generally 0.5%-1.5% 
of the concrete surface with damage by carbonation initiated corrosion or chloride initiated 
corrosion is used in The Netherlands (Directoraat-Gerneraal Rijkswaterstaat 2000).  
 
As shown in section 5.2, by taking the spatial variation of concrete degradation into 
consideration, the following special characteristic can be found: the development of the 
surface damage of the concrete structure during the whole period of time, which facilitates the 
planning of the maintenance interventions based on the practical maintenance criterion. 

5.3.2 Cost calculation 
For the repair and maintenance strategies in this thesis, it is believed that the repair of 
concrete is related only to the serviceability limit state of the structure. The optimal 
maintenance strategy will be determined, simply by minimizing the expected maintenance 
cost E[C] without any restriction on the probability of some critical events. The constrained 
optimisation problem introduced in Chapter 3 is utilised. The total expected maintenance cost 
only includes the inspection cost and the repair cost; see equation (5.3). The user cost is not 
included in this thesis. 
 
Costs in the planning consist of general costs, profit and risk, costs of environmental 
measures, costs of traffic measures and engineering costs, tax and so on. For simplicity, only 
the general direct costs for inspection and maintenance are used in this calculation. 
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∑⋅+= irepujrep ACCC ;0;                                                         (5.6) 

 
Where: Cins;k   the inspection costs of inspection k 
 ni   inspection times 
 tk   inspection year 
 r   discount rate 
 E[Crep]   the expected repair cost 
 nr   repair times 
 tj   repair year 
 C0    initial repair cost, e.g., the starting cost for doing repair  

Cu    unit repair cost 
∑ irepA ;    total repaired area  
 

In equation (5.4) and (5.5), the inspection costs and repair costs are discounted to the present 
value. The repair cost has the linear relationship with the total repaired area. 

 

5.4 Decision Theory on Optimal Maintenance Strategy with spatial 
variability 

5.4.1 Introduction 
By using the same example of section Area2 in the previous section Fig. 5-3, the optimal 
maintenance strategy is studied under the condition that all the elements show median 
correlation (scenario b in Table 5-1). The development of the corroding area during the whole 
period of time for the 1-dimensional model is shown in Fig. 5-7 (b) and for the 2-dimensional 
model is shown in Fig. 5-8(b).  
 
The visual damage observed by inspections always occurs in the deterioration propagation 
period. The time from initiation of corrosion to the formation of cracks and subsequent 
spalling is not included in the results of this example. The designation failure in the example 
means the initiation of rebar corrosion, so this time until spalling appears is neglected. 
 
From initiation of corrosion until some signs of corrosion are visible needs a period of time. 
Based on experience (Engelund 1998), cracking and spalling (distinct signs of corrosion) will 
occur T1 years after corrosion has initiated in a given element. T1 is assumed to be normally 
distributed with the mean value of 15 years and coefficient of variation of 25%. As previously 
introduced the criterion for the onset of maintenance and repair in practice is usually based on 
about 1% surface of the whole structure that shows visual signs of concrete damage. Taking 
the example of Fig. 5-8(b) (Proportion of corroded area with rebar corrosion under median 
correlations) for consideration in Fig. 5-12, it is used to transfer the 1% visual damage to the 
equivalent proportion of non-visible damage (rebar corrosion) if it is assumed on average 25 
years is necessary for this example from initiation of corrosion to some visual signs of 
corrosion. Fig. 5-12 shows that the area with the initiation of rebar corrosion reaches about 
20% (Acor/A = 0.2) after 25 years from 1% (Acor/A = 0.01) area with the initiation of bar 
corrosion. Therefore it is simple in this case to use a 20% (Acor/A = 0.2) area with the 
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initiation of rebar corrosion as the 1% (Acor/A = 0.01) area with visual signs of damage. The 
repair criterion is defined as the proportion of corroding area (initiation of corrosion) that is 
equal to 20% (Acor/A = 0.2).  
 
 
 
 
 
 
 
 
 
 
 

Fig. 5-13 Criterion for the onset of repair based on the proportion of corroding area with corrosion of rebar 

 

5.4.2 Planning of different maintenance strategies  
In the next sections, 7 repair strategies are compared for the 1-dimensional model and 3 repair 
strategies are compared for the 2-dimensional model. It is assumed in all cases including the 
cases in Chapter 6 that the repaired concrete by the repair strategies will be brought back to its 
original state. And meanwhile all the repair techniques are assumed good enough to avoid the 
unintended “corrosion by consequence”. That is to say, no accelerated corrosion will occur at 
the edges of the repaired area between the new and old concrete, although it turned out to be 
the truth some times in practice. Repair shall be carried out to guarantee that within the 
designed lifetime of TL = 80 years, the surface area with initiation of rebar corrosion in the 
structure is below 20% (Acor/A = 0.2).  Therefore visual inspection is carried out every 
year.The seven strategies for the 1-dimensional model (for general overview see Table 5-3) 
are:  
 

Fig. 5-14 Schematic diagram for repair strategy 1 
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Fig. 5-15 Schematic diagram for repair strategy 2 

 

Fig. 5-16 Schematic diagram for repair strategies 3, 4, 5 

 
Repair strategy 1 (Fig. 5-14)  
Repair will be carried out only for the corroded area. For this example, only the 20% failed 
elements will be repaired.  
 
Repair strategy 2 (Fig. 5-15) 
Repair will be carried out for the corroded area and surrounding area. Suppose that for this 
example, failed element i needs to be repaired, then the neighbouring elements (i-1) and (i+1) 
will be repaired at the same time. 
 
Repair strategy 3 (Fig. 5-16) 
Repair will be carried out for the corroded area while the concrete cover is inspected in its 
neighbouring area. If the cover is smaller than the nominal value of 60 mm, the surrounding 
area will be repaired too. So, the failed element i will always be repaired, and the 
neighbouring elements (i-1) and (i+1) will be repaired only if their cover is smaller than the 
nominal value based on the inspection results. 
 
Repair strategy 4 (Fig. 5-16) 
Repair will be carried out for the corroded area while the chloride content at the rebar is 
inspected in its neighbouring area. If the chloride content at the rebar exceeds a warning value 
that is equal to the critical value minus 0.1%, the surrounding area will be repaired too. So, 
the failed element i will be always repaired. But the neighbouring elements (i-1) or (i+1) will 
be repaired only if its chloride ingress exceeds the critical value minus 0.1% based on the 
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inspection results, because the concrete has large probability to get corrosion in a near future 
if its chloride content at the rebar has exceeded the critical value minus 0.1%.  
 
Repair strategy 5 (Fig. 5-16) 
Repair will be carried out for the corroded area and both the chloride ingress and the concrete 
cover will be inspected in the surrounding area. If its cover is smaller than the nominal value 
or its chloride content at the rebar is larger than the critical value minus 0.1%, the surrounding 
area will be repaired. For this example, the failed element i will be repaired. But the 
neighbouring elements (i-1) or (i+1) will be repaired if its cover is smaller than the nominal 
value or its chloride contents exceeds the critical value minus 0.1% based on the inspection 
results. 
 
Repair strategy 6 (preventive maintenance strategy) 
After 15% of the surface shows signs of corrosion, coating of the beam will be carried out. 
For calculation purposes, it is assumed that after coating, the effective concrete cover can be 
increased by 5 mm. 
 
Repair strategy 7 (preventive maintenance strategy) 
After 10% of the surface shows signs of corrosion, coating of the beam will be carried out. 
For calculation purposes, it is assumed that after coating the effective concrete cover can be 
increased 5 mm. 
 
The general overview of these seven strategies is shown in Table 5-3. 
 

Table 5-3 Seven repair strategies for the 1-dimensianal model 

Strategy 
No. 

Criterion 
(Acor/A) 

Visual 
inspection 

Special 
inspection 

Repair 
corroded area 

Repair 
surrounding area 

Maintenance 
(coating) 

1 0.2 × - × - - 
2 0.2 × - × × - 
3 0.2 × × × ×* - 
4 0.2 × × × ×* - 
5 0.2 × × × ×* - 
6 0.15 × - - - × 
7 0.10 × - - - × 

Note: “×”― Yes; “-“ ― No; ×*― Yes if necessary by special inspection results; 
 
 
The three strategies for the 2-dimensional model are:  
Repair strategy 1 (Fig. 5-17): Repair will be carried out only for the corroded area.  
 
Repair strategy 2 (Fig. 5-18): Repair will be carried out for the corroded area and the 
adjacent areas in the main rebar direction because the adjacent areas in the main rebar 
direction have a high probability of failure in the next few years.  
 
Repair strategy 3 (Fig. 5-19): Repair will be carried out for the corroded area and its 
surrounding areas. 
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Fig. 5-17 Strategy 1: Only failed elements will be repaired 

Fig. 5-18 Strategy 2: Besides failed elements, their horizontal adjacent elements will be repaired 

 

Fig. 5-19 Strategy 3: Besides failed elements, all their surrounding elements will be repaired 

 

5.4.3 Maintenance cost input 
The inputs for the cost models in section 5.3.2 are assumed as follows. The values of the costs 
are hypothetic (based on the values in Directoraat-Gerneraal Rijkswaterstaat (2000), File 2: 
Reference documents). 
1) Repair cost 
Initial repair cost (C0): 5000 Euro; 
Unit repair cost (Cu1):  2000 Euro/m2;  
 
2) Inspection cost 
Visual inspection yearly (Cins):  50 Euro/time 
Inspection concrete cover (CIns1): 300 Euro/sample 
Inspection chloride ingress (CIns2): 600 Euro/sample 
Maintenance cost 
Coating (Cc):    500 Euro/m2 
 

Failed element

Failed element Horizontal adjacent
element

Main rebar

Failed element
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5.4.4 Effects and total costs of different strategies 
 
1-dimensional model: 
 
The effects of different strategies (strategies 1-7) on the proportion of corroded area during 
the whole period of time of the 1-dimensional model are shown in Fig. 5-20. The lifetime of 
the structure is assumed to be 80 years, therefore no action will be taken any more after 75 
years. That is also why there is a turning point for all the curves at year 75 in Fig. 5-20. 
Compared with the deterioration development without repair of Fig. 5-8(b), the rate of 
corrosion initiation is slowed down considerably. 

Fig. 5-20 Effect of different strategies (strategy 1-7) for the 1-dimensional model 
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A performance indicator I (Fig. 5-21) is introduced to compare the effects among different 
strategies that is given by I = A1/A2 (where A1 = area below the curve of “after repair”; A2 = 
area below the curve of “without repair”). The indicator represents a relative value that 
compares the situation with maintenance to the situation without maintenance. The smaller I 
is, the more impact the strategy has on the reduction of the amount of corroded area. It is clear 
that Strategy 7 provides the best performance (Fig. 5-22), although all the strategies satisfy 
the repair criterion.  
 
 
 

Fig. 5-21 Calculation of performance indicator I 

 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 5-22 Performance indicators of different strategies 

 
The expected yearly repair costs of different strategies are shown in Fig. 5-23. Generally in 
the first 15 years, there is no need to do any repair, while in the period of year 40 to year 70 
there is a high expectation for repair costs. A comparison of the total costs of the 7 strategies 
is shown in Fig. 5-24. The total costs vary largely amongst the 7 strategies. 
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          Fig. 5-23 Expected yearly repair costs for different strategies (strategy 1-7) 
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Fig. 5-24 Expected total repair costs for different strategies (strategies 1-7) 

 
The performance indicator I versus the costs for the 7 strategies is summarized in Fig. 5-25. 
The strategy with the minimum performance indicator or with the minimum costs can easily 
be identified. Since all the 7 strategies satisfy the repair criterion that the proportion of area 
with initiation of rebar corrosion within the lifetime is less than 20%, the performance 
indicator can be neglected when evaluating the strategies. Therefore strategy 6 with the 
minimum repair costs will be the optimal one. When additional performance criteria are set, 
the demands will increase and strategy 7 will become the favourable one. 

Fig. 5-25 Performance Indicator versus costs for 7 strategies 

 
 
2-dimensional model: 
 
The expected yearly repair costs for the three different strategies are shown in Fig. 5-26. The 
expected total costs are compared in Fig. 5-31. Fig. 5-31 shows the performance indicator 
versus costs. Similarly, it is known that the structural performance according to strategy 3 is 
the best, while strategy 2 has the minimum total cost, which becomes the optimal one for the 
2-dimensional model.          
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       Fig. 5-26 Effect of strategy 1,2,3     

 

     Fig. 5-27 Performance indicator of strategies      Fig. 5-28 Expected yearly repair cost of strategy 1 

        

Fig. 5-29 Expected yearly repair cost of strategy 2     Fig. 5-30 Expected yearly repair costs of strategy 3 
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Fig. 5-31 Total expected costs of strategies         Fig. 5-32 Performance Indicator versus costs 

 

5.4.5 Optimal strategy based on both performance and cost  
When making decisions for the optimal strategy, sometimes both the total repair costs and the 
performance indicator for each strategy need to be considered. Then different  “weights” will 
be given to the performance indicator and the total repair costs depending on the impact of 
these two factors. The total weight for each strategy can be calculated by the following 
equation: 
  

min min
,

max min max min

 i i
T i C P

C C I IW W W
C C I I

− −
= ⋅ + ⋅

− −
                                 (5.7) 

 
Where WT,i total weight for strategy i 

Wp weight of the performance indicator 
WC  weight of the cost; 1C PW W+ =  
Ci total cost of strategy i 
Ii performance indicator of strategy I 
Cmin min( ) 1, 2...iC i= =  
Cmax max( ) 1, 2...iC i= =  
Imin min( ) 1, 2...iI i= =  
Imax max( ) 1, 2...iI i= =  

 
The optimal strategy will be the one with the smallest total weight. For example, Table 5-4 
shows the performance indicator (Ii) and total cost (Ci) for each strategy in the 2-dimensional 
model. Because cost is the most important factor in this case, it is assumed that the weight of 
the performance indicator is 0.1 but the weight of the cost is 0.9. By comparing the total 
weight of the 3 repair strategies in Table 5-4, repair strategy 2 is the optimal one with the 
lowest total weight. 
 

Table 5-4 Comparison of different repair strategies for 2-dimensional model 

Strategy Performance 
indicator (Ii)  

Total cost (Ci) 
 (Euro) 

Total weight 
(Wi) 

1  0.354 36948 0.12 
2  0.310 35946 0.04 
3  0.286 85159 0.90 
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Chapter 6 
 
 
 
 
 

6 Case Demonstrations 
The analysis method developed in the previous chapter for making decisions concerning 
optimal repair strategy based on the spatial variability of concrete deterioration will be 
demonstrated in this chapter by three practical cases. 

• Case I: Bridge elements of the Eastern Scheldt Storm Surge Barrier in the Netherlands 
• Case II: Concrete beams of Bridge Wilpsedijk and Bridge Iordensweg in the 

Netherlands 
• Case III: Concrete deck of Port Tomakomai, Hokkaido in Japan 

 

6.1 Case I: Bridge elements of the Eastern Scheldt Storm Surge 
Barrier in The Netherlands 

6.1.1  Introduction 
TNO report (2002-CI-R2118-3): The Eastern Scheldt Storm Surge Barrier is located in the 
southwestern part of The Netherlands and is part of the Delta Project. The barrier consists of 
three sections: Hammen, Schaar and Roompot named after the original tideways that it now 
crosses (Fig. 6-1). The Delta Project aims for protecting the low-lying polders in the 
southwestern part of The Netherlands against flooding from rivers and seawater. The bridge-
elements of the motorway over the barrier constructed from 1980 (Fig. 6-3) have reached a 
service time of about 20 years. This example demonstrates the lifetime prediction and analysis 
of the optimal repair strategy for the bridge elements in the Hammen section. The influence of 
the spatial fluctuation on the results of the lifetime prediction is described.  
 
The Hammen section of the Eastern Scheldt Storm Surge Barrier contains 16 bridge elements 
(Fig. 6-2). The dominant deterioration mechanism of the concrete bridge-element is the rebar 
corrosion due to chloride ingress from seawater. The cross-section of the Barrier and its 
bridge elements are depicted in Fig. 6-3. Fig. 6-4 shows the side view of one typical bridge 
element H8; which is made from gravel concrete (325 kg/m3 blast furnace slag cement CEM 
III/B, w/c = 0.45). 
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Fig. 6-1 Location of the Eastern Scheldt Storm Surge Barrier: Hammen, Schaar and Roompot 

  
 

Fig. 6-2 Plan view of the 16 bridge elements (H0- H16) in the Hammen section of the barrier 
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Fig. 6-3 Cross-section of the storm surge barrier  

 

 

Fig. 6-4 Side view of the bridge element H8 

 

6.1.2  Lifetime prediction 

6.1.2.1 Models for the lifetime prediction 
 
It is assumed that the lifetime of the concrete bridge element includes the initiation period and 
the propagation period. The used deterioration models for these two periods are described in 
Chapter 4 by the equations (4.1), (4.3), (4.6), and (4.7). The initial uniform chloride 
concentration in the concrete is neglected and the chloride diffusion coefficient is assumed to 
be time-independent. Equation (4.8) in chapter 4 is not relevant because the tensile splitting 
strength of the concrete for this case is known from testing. The end of lifetime is predicted in 
two ways: 1) when on average there is 5% of the concrete surface that shows concrete 

South 
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spalling; 2) when on average there is 30% of the concrete surface that shows concrete 
cracking. 
  

6.1.2.2 Input parameters  
 
1) Input parameters for the models of the initiation period 
Input parameters for the models of the initiation period are shown in Table 6-1. The same 
values are also used in TNO report (2002-CI-R2118-3)*. Table 6-2 shows the parameters used 
for the propagation period.  
 

Table 6-1 Input data for the initiation period (TNO report 2002-CI-R2118-1A) 

Variable Dist. Mean Std. Dev. Reference 
CCls Normal 5.3 % (by cement) 1.47 % (by cement) Curve fitting 
CCl;cr Normal 0.5 % (by cement) 0.1 % (by cement) Duracrete (2000-2) 
DCl Normal 8.83E-6 m2/year 3.69E-6 m2/year Curve fitting 
a Normal 41.1 mm 1.4 mm Measurements 

 
Table 6-2 Input data for the propagation period  

Variable Dist. Mean Std. Dev. Reference 
ω Normal 8.6 (top) 

10.4 (bottom) 
9.5 (Average) 

- 
 
2.85 

Duracrete (2000-2) 

Vcorr;a Normal 0.003 mm/year 0.004 mm/year Duracrete (2000-2) 
wt  Normal 0.5 0.12 Duracrete (2000-2) 
α Normal 9.28 4.04 Duracrete (2000-2) 
s1  Normal 74.4 mm 5.7 mm Duracrete (2000-2) 
s2  Normal 7.3 mm 0.06 mm Duracrete (2000-2) 
s3  Normal -17.4 mm/MPa 3.2 mm/MPa Duracrete (2000-2) 
a Normal 0.0411 m 0.0014 m - 
φ  Deterministic 0.0010 m - - 
tage Deterministic 20 (age at the inspection year) - 
ft,spl Normal 4.4 MPa 0.44 MPa TNO report (2002) 

wcr,1 Normal 0.3 mm 0.12 mm 
wcr,2 Normal 1.0 mm 0.40 mm 

Duracrete (2000-1) 

 
 
2) Variables with random spatial variation (stochastic fields) 
Besides all the deterministic parameters, and the mean and standard deviation of the 
stochastic variables, correlation models have to be chosen for the variables with random 
spatial variation. The correlation between different points (ρ∆x) for each variable is calculated 
by equation (5.1) in chapter 5. 
 

                                                 
* CUR research committee B82, “Durability of Marine Concrete Structures” (DuMaCon) is working on an 
extensive research program in the Netherlands, to collect data and to validate the service life model developed in 
the Brite Euram program Duracrete. This report is the work that the CUR research committee B82 has asked 
TNO Building and Construction Research to investigate the concrete of the Eastern Scheldt Barrier in depth. It 
contains the results and evaluation of both the four test areas from the DuMaCon program, as well as the 
extensive chloride profiling of the bridge-elements as requested by the owner. 
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From the available data of the chloride profile investigations (TNO report 2002-CI-R2118-3 
and 2002-CI-R2118-1A), it may be concluded that the following four variables are important 
and also show spatial variation: 

• The diffusion coefficient DCl (initiation period) 
• The surface chloride concentration cCl;s (initiation period) 
• The average corrosion rate acorrV ;  (propagation period) 
• The time of wetness tW , i.e. the fraction of the year that corrosion is active 

(propagation period) 
 
For example, in the 2002 chloride test area (about 1.5m * 0.5m) in region “C” of Fig. 6-4, 
there are 6 sample cores whose exact positions are shown in Fig. D-2 of Appendix D.  The 
chloride content at each depth within the test area (TNO report 2002-CI-R2118-3 and 2002-
CI-R2118-1A, Polder, et al 2003) is shown in Fig. 6-5. It is shown that although the distance 
between each pare of the cores are small (less than 500 mm), the variation of the chloride 
content is large, and especially the chloride content near the surface of the concrete.  
 

0

0.5

1

1.5

2

2.5

3

1 2 3 4 5 6

Number of the cores

C
hl

or
id

e 
co

nt
en

t (
%

 b
y 

ce
m

en
t) 10-20mm

20-30mm

30-40mm

 
Fig. 6-5 Chloride content of 6 sample cores at each depth within the test area in H8 

 
The concrete quality is very good and homogeneous for the bridge elements (TNO report 
2002-CI-R2118-3). Furthermore, the measured concrete cover and the concrete splitting 
strength have a very small deviation. Although normally these two variables show spatial 
variation, their spatial variation effects will be neglected in this example. 
 
Based on the analysis of the spatial fluctuation of chloride profiles in the Eastern Scheldt 
Barrier in Appendix D, the fluctuation scale for the variables DCl and cCl;s may take any value 
between 0.1 m and 100 m. The range of the values for the fluctuation scale is very large due 
to lack of test data. Therefore, the following three scenarios will be compared by assuming 
different values for the fluctuation scale. The scenario 1 and scenario 2 represent two extreme 
situations: a very low correlation and an almost full correlation. Scenario 3 is assumed to 
represent the real situation for this case; its correlation lies between the ones of scenario 1 and 
scenario 2. 
 

 

 

 

Distance between cores (mm)       234        447       234         447       234
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Table 6-3 Three scenarios by assuming different values for the fluctuation scale 

Initiation period Propagation period  
DCl cCl;s acorrV ;  tW  

ρ0 0 0 0 0 Scenario 
1 d 0.5 m 0.5 m 0.5 m 0.5 m 

ρ0 0 0 0 0 Scenario 
2 d 50 m 50 m 50 m 50 m 

ρ0 0 0 0 0 Scenario 
3 d 2 m 2 m 2 m 2 m 

 

6.1.2.3 Deterioration analysis 
 
Bridge element H8, which is considered as a homogeneous random field, is subdivided into 9 
regions (A-J) (see Fig. 6-4). For the scope of this study, “region G” (with shading) is 
randomly selected. It has a length of l = 5 m and a width of b = 2 m. Discretisation of the 2-
dimensional model that has been introduced in Chapter 5 is applied. To guarantee that the 
distance between any two adjacent elements is not larger than half the fluctuation scale, the 
region is divided into 20 equally sized elements along the x direction and 10 equally sized 
elements in the y direction (Fig. 6-6). 
 

Fig. 6-6 Model discretisation of region “G” in  bridge element H8 

 
1) Results of scenario 1 
 
The probability that at least one element in area “G” fails with initiation of corrosion (so-
called first corrosion failure) is shown in Fig. 6-7 (The probabilities of first failure on 
cracking and spalling are not shown in this thesis). This figure shows the median time-to-
initiation of rebar corrosion is 14 years (it is the time to develop 50% probability of failure by 
initiation of corrosion). The developments of the area with initiation of corrosion, cracking 
and spalling over 80 years are shown in Fig. 6-8. The detailed explanations of these 
deterioration processes are discussed in section 4.2.2 of Chapter 4. The three curves in each 
figure, as explained in chapter 5, represent the mean, upper bound and lower bound of the 
values. It also shows that on average (curve 50%), year 14 is the first year to have an area 
with initiation of corrosion. In fact it is not a realistic scenario as no sign of active corrosion 
of rebar has been detected after more than 20 years until now. 
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Fig. 6-7 Probability of first corrosion failure with initiation of corrosion for scenario 1 

 

Fig. 6-8 Percentage of failed area of the bridge elements during 80 years for scenario 1 

 
2) Results of scenario 2 
The probability of first corrosion failure is shown in Fig. 6-9, which shows that the average 
time-to-initiation of rebar corrosion is 34 years for the high correlation scenario. The 
development of the area with initiation of corrosion is shown in Fig. 6-10. It also shows that 
on average (curve 50%), year 34 is the first year to have initiation of corrosion. 

If this outcome is compared with the results obtained from the common reliability 
method without spatial variability (Duracrete 2002-1), where a time-to-initiation of 34 years 
is encountered (TNO report 2002-CI-R2118-3). In this report, the deterioration model for the 
initiation period and the corresponding input data are copied to this thesis. Under the 
assumption that the diffusion coefficient of chloride is time-independent, a mean time-to-
initiation of 34 years is obtained for the bridge element H8 in the Eastern Scheldt side in the 
TNO report. It can be concluded that the result from the TNO report is just the upper limit of 
the present results, where spatial variability is considered and full correlation between all the 
elements is assumed (fluctuation scale d = 50 m ≈ ∞). The coincidence also supports the 
statement that the results obtained by the approach in this thesis are reasonable. 
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Fig. 6-9 Probability of first corrosion failure with the initiation of corrosion for scenario 2 

Fig. 6-10 Percentage of failed area of the bridge elements during 80 years for scenario 2 

 
3) Results of scenario 3 
Similar figures are shown in Fig. 6-11 and Fig. 6-12 for intermediate correlation, which 
indicate that the average time-to-initiation of rebar corrosion is 22 years.  
 

Fig. 6-11 Probability of first corrosion failure with the initiation of corrosion for scenario 3 
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Fig. 6-12 Percentage of failed area of the bridge elements during 80 years for scenario 3 

 

6.1.2.4 Lifetime prediction 
Fig. 6-13 provides a clear general view of the average deterioration processes from initiation 
of rebar corrosion, to cracking and to spalling of concrete respectively for the three scenarios.  
 
Based on three different definitions, three lifetimes for the bridge elements will be predicted. 
Because spalling of concrete is usually considered as an unacceptable condition, the first 
definition of lifetime is based on the unacceptable level of concrete spalling. If more attention 
is paid to the cracking of concrete, the lifetime can be defined on basis of the level of the area 
with cracking. And if initiation of corrosion is taken as an indicator of the need to carry out 
maintenance, the lifetime is defined based on the area with initiation of corrosion.  
1) Lifetime prediction based on the target value I: the lifetime ends when on average 5% 

surface area of region “G” demonstrates concrete spalling. 
2) Lifetime prediction based on the target value II: the lifetime ends when on average 20% 

area of region “G” demonstrates concrete cracking. 
3) Lifetime prediction based on the target value III: the lifetime ends when on average 30% 

area of region “G” demonstrates initiation of corrosion. 
 
From Fig. 6-13, on average the lifetimes of the bridge element H8 under different lifetime 
definitions for different scenarios can be found. The comparison of the three scenarios 
including lifetime prediction and the mean time-to-initiation are illustrated in Table 6-4. 
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Fig. 6-13 Average damage development from initiation of corrosion to spalling for 3 scenarios  

 
Table 6-4 Comparison of the three scenarios on the lifetime prediction and the mean time-to-initiation 

Item Scenario 1 Scenario 2 Scenario 3 
Mean time-to-initiation [years] 14 34 22 
Lifetime based on target value I [years] 27 44 34 
Lifetime based on target value II [years] 32 39 33 
Lifetime based on target value III [years] 30 34 32 

 
Table 6-4 shows that the lower-bound and upper-bound of the median time-to-initiation of 
corrosion and the lifetime of the structure are the results of scenario 1 and scenario 2. The 
results of scenario 3 lie between the ones of scenario 1 and scenario 2. It shows the great 
impact of spatial variability to the reliability results. The point is to find the right situation of 
spatial variation for the structure, more measurements are necessary as recommended in the 
conclusion of case I in Appendix D.  
 
The designed lifetime of the bridge elements is 50 years. The above results show that the 
structure cannot meet the designed lifetime of 50 years no matter the structure is in which 
scenario provided that all the assumptions in this case are correct. Therefore, repair or 
maintenance interventions are necessary before the predefined target value for service life is 
reached. 
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6.1.3 Optimal maintenance strategy with spatial variability 
 
In many countries, the general inspection and initial assessment of concrete structures are 
primarily based on visual inspections that record the signs of deterioration, such as cracking, 
spalling, rust stains, etc. In practice, the criterion for the onset of repair and maintenance is 
usually based on a given percentage of the structural surface that shows signs of corrosion 
such as rust stains, cracks, spalling or concrete delamination (Directoraat-Gerneraal 
Rijkswaterstaat 2000, File 1), which can be modelled exactly by the method developed in this 
research. The above results show that the structure cannot meet the designed lifetime of 50 
years. Three repair strategies are discussed to extend the lifetime of the structure based on the 
repair criterion of 5% area with spalling by visual inspection every year as shown in Fig. 6-14 
(target value I). 
 

Fig. 6-14 Criterion for repair strategy  

 

6.1.3.1 Introduction of different repair strategies 
 
After the repair criterion (say 5% spalling) is set, the three repair strategies introduced for the 
2-dimensional model in chapter 5 (visual inspection every year) are compared for this case: 
 
Strategy 1: Repair will be carried out only for the elements that show spalling (Fig. 6-15).  
 

Fig. 6-15 Strategy 1 

 
Strategy 2: Repair will be carried out for the elements that show spalling and the adjacent 
elements that are in the main rebar direction (Fig. 6-16). 
 

element with spalling
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Fig. 6-16 Strategy 2 

 
Strategy 3: Repair will be carried out for the elements that show spalling and all its 
surrounding elements (Fig. 6-17). 

Fig. 6-17 Strategy 3 

 
It is assumed that in these three strategies, repair is only carried out within the designed 
lifetime of 50 years and the repaired elements will be brought back to the initial state each 
time.  
 
The unit costs for repair and inspection are assumed as follows (the unit repair cost for 
concrete structures is based on the experience values in the Netherlands).  
1) Repair cost 

Initial repair cost (C0):  5000 Euro; 
Unit repair cost (Cu1):   2000 Euro/m2;  

2) Inspection cost 
Visual inspection yearly (Cins):  50 Euro/time. 

 

6.1.3.2 Comparison of different repair strategies for scenario 3 
 
In this section, the results are only shown for the designed lifetime of 50 years. Since scenario 
3 is assumed to represent the real situation for this case, detailed calculation results for 
scenario 3 will be shown in the following:  
 
The effects of the different strategies can be found in Fig. 6-18 for scenario 3. Comparison 
with Fig. 6-12 (c) shows that all the three strategies can satisfy the condition that the spalling 
of concrete is less than 5% within 50 years, and that all the three strategies have a great 
influence on reducing the visual effective development rate of spalling. The difference of 
these three strategies in terms of performance indicators can be found in Fig. 6-19 (its 
definition see section 5.4.4 in Chapter 5). The lower the performance indicator, the better the 
repair effect. It is obvious that Strategy 3 provides the best performance. 

element with spalling

adjacent elements in
the rebar direction

Main rebar

element with spalling

surrounding elements
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The expected yearly repair costs (including annual inspection costs) for the different strategies 
for scenario 3 are shown in Fig. 6-20. All the costs are discounted to the value in the first year 
and all the costs are only related to the region “G” of bridge element H8. Irrespective of the 
used strategy, repair is necessary with a high probability from the years 25 to 45. The figure 
shows that the expected repair costs are relatively high from the years 25 to 45. The total 
expected costs are compared in Fig. 6-21 where strategy 3 shows the minimum total cost, 
while strategy 1 has the highest total cost.  
 
For the choice of the optimal strategy, both the total repair costs and the performance 
indicator for each strategy are considered, with different weights attached to these two factors. 
If the weight of performance indicator is given to: WP = 0.1, but the weight of cost: WC = 0.9, 
the total weights for the three repair strategies are calculated (by equation 5.7) in Table 6-5. It 
is clear that repair strategy 3 is the optimal one due to the lowest total weight. For this 
example it is also simple to decide from Fig. 6-22 that Strategy 3 performs the best and has 
the lowest expected total maintenance costs as well, so that it is the optimal strategy for 
scenario 3 in this case. 
 

Fig. 6-18 Effects of repair strategy 1 to 3 for scenario 3 

Fig. 6-19 Performance indicators for different strategies within 50 years for scenario 3 

0

0.1

0.2

0.3

0.4

0.5

0.6

Strategy 1 Strategy 2 Strategy 3

Pe
rf

or
m

an
ce

 In
di

ca
to

r (
I)

Effect of repair strategy 1

0%

10%

20%

30%

0 10 20 30 40 50
Year

Fa
ile

d 
ar

ea
 20%

50%
80% 

Effect of repair strategy 2

0%

10%

20%

30%

0 10 20 30 40 50
Year

Fa
ile

d 
ar

ea
 20%

50%
80%

Effect of repair strategy 3

0%

10%

20%

30%

0 10 20 30 40 50
Year

Fa
ile

d 
ar

ea
 

20%
50%
80%



Chapter 6  99 

 

 
Fig. 6-20 Expected yearly repair cost for strategies 1-3 for scenario 3 

Fig. 6-21 Expected total repair costs for different strategies for scenario 3 within 50 years 

 
Table 6-5 Comparison of different repair strategies for scenario 3 

Strategy Performance 
indicator (Ii)  

Total cost (Ci) 
 (Euro) 

Total weight 
(Wi) 

1  0.48 22450 0.9 
2  0.295 19850 0.3 
3  0.235 18850 0 
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Fig. 6-22 Performance Indicators versus Costs for 3 strategies of scenario 3 

 

6.1.3.3 Comparison of different repair strategies for scenario 1 and scenario 2 
 
To do the comparison, similar results for scenario1 and scenario 2 are shown from Fig. 6-23 
to Fig. 6-25. It can be concluded that all the three scenarios demonstrate the similar trends for 
different strategies on the performance indicator and the total maintenance costs for region 
“G” of bridge element H8. Scenario 1 shows the highest total maintenance costs, while 
scenario 1 the lowest. The final conclusion on the optimal strategy is the same for all the three 
scenarios that strategy 3 is the best choice. 
          

(a) Scenario 1     (b) Scenario 2 

Fig. 6-23 Performance indicators of different strategies within 80 years for scenarios 1 and 2 

 

(a) Scenario 1     (b) Scenario 2 

Fig. 6-24 Total maintenance costs of different strategies within 50 years for scenarios 1 and 2 
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(a) Scenario 1     (b) Scenario 2 

Fig. 6-25 Performance Indicators versus Costs for 3 strategies of scenarios 1 and 2 

 

6.1.4 Comparison of time-dependent and time-independent chloride 
diffusion coefficient 

In the results of previous sections, chloride diffusion coefficient DCl is set to be time-
independent for the initiation period of deterioration. In this section, the results of the 
deterioration process by using a time-dependent chloride diffusion coefficient are shown and 
compared with the results by using the time-independent chloride diffusion coefficient for 
scenarios 1, 2 and 3.  
 
All the deterioration prediction models and the input parameters including the random fields 
used for scenarios 1, 2 and 3 are used in this section, except equation (4.3) is replaced by 
equation (4.5) in Chapter 4, where the reference period t0 = 1 year and na is the aging factor 
with beta distribution, its mean = 0.6 and standard deviation = 0.07 (Duracrete 2002-2). The 
reference chloride diffusion coefficient DCl;0 can be obtained approximately by input: t0 = 1, 
na = 0.6 and DCl (Table 6-1) which is provided from TNO report (2002-CI-R2118-3) based on 
the measurements in year 2002 (t = 20), into equation (6.1): 
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Therefore the equation (4.3) is changed to: 
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  (6.2) 

 
The final reliability analysis results are illustrated from Fig. 6-26 to Fig. 6-28 for scenarios 1, 
2 and 3. The figures show that the range of mean time-to-initiation of corrosion is between 6 
and 74 years, which is larger than the range of 14 and 34 years under the application of time-
independent chloride diffusion coefficient. The results of scenario 3 lie between these two. If 
the new upper limit 74 year of the range for mean time-to-initiation of corrosion is compared 
with the result obtained from the common reliability method without spatial variability (under 
the same aging factor na = 0.6), where a time-to-initiation of 92 years is encountered (TNO 
report 2002-CI-R2118-3). The difference of 74 and 92 years is acceptable. The application of 
time-independent chloride diffusion coefficient can take into account the beneficial effect of 
further hydration or drying out of concrete, it is a realistic choice. 
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              (a) Scenario 1    (b) Scenario 2 

Fig. 6-26 Probability of first corrosion failure for scenarios 1 and 2 

                        (a) Scenario 1    (b) Scenario 2 

Fig. 6-27 Failed area with the initiation of rebar corrosion for scenarios 1 and 2 

 
Fig. 6-28 Deterioration processes of the bridge elements during 80 years for scenario 3 
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To compare the results of lifetime prediction between the application of time-dependent and 
time-independent chloride diffusion coefficient, Fig. 6-29 provides a general overview of the 
average damage developments during 80 years for scenario 3. It can be seen that all the target 
values for three lifetime definitions (I: the lifetime ends when on average 5% surface area of 
region “G” demonstrates concrete spalling; II: the lifetime ends when on average 20% area of 
region “G” demonstrates concrete cracking; III: the lifetime ends when on average 30% area 
of region “G” demonstrates initiation of corrosion) are satisfied within the designed lifetime 
of 50 years. That also means no more maintenance or repair is necessary during the designed 
lifetime of the bridge elements. Based on the inspection results that no corrosion of 
reinforcement has been found until now (year 2003), and according to the experience of the 
people in practice, this scenario is the one that is most close to the realistic situation. 
 

Fig. 6-29 Average damage development from initiation of corrosion to spalling for scenario 3 

 

6.1.5 Conclusions 
It should be clear that when developing probabilistic models, the degree of spatial variability 
of random variables greatly affects the predictions of the future deterioration of concrete 
structures in many cases. Meanwhile, the diffusion coefficient of chloride is an important 
variable for the chloride-induced deterioration model in the initiation period. Its time effect 
should not be neglected. The results by using time-dependent diffusion coefficient of chloride 
are more realistic. 
 
Although spatial variability has great impact on the deterioration process of concrete 
structures, it may not influence the final conclusion for the decision of optimal maintenance 
strategy. It may have the same optimal maintenance strategy with the models where no spatial 
variability is considered. 
 
In this case, the modelling of spatial variability of concrete deterioration is combined with the 
commonly used probabilistic-based reliability analysis method for the Eastern Scheldt Surge 
Barrier. This approach reflects the actual situation more realistically. It can provide useful 
information to revise the repair or maintenance strategy for concrete structures. 
 
The most important point in the modelling of spatial variability is to determine the fluctuation 
scale of the properties for the structures. Almost no research has been carried out in this area. 
The limited amount of data used in this project for the analysis of the Eastern Storm Surge 
Barrier is far from adequate. Future work is necessary to calibrate the model. 
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6.2 Case II: Concrete beams of Bridge Wilpsedijk and Bridge 
Iordensweg in The Netherlands 

6.2.1 Introduction 
 
In this case, the lifetime prediction and optimal repair strategy planning are analysed for the 
concrete beams of bridge 33E-109 Wilpsedijk and bridge 33E-108 Iordensweg. These 
bridges, which are located in highway A1 in The Netherlands at a mutual distance of about 2 
km, have the following same general data:  

• Structural type: precast concrete T-beam bridge 
• Construction year: 1970 
• Number of spans: 1 span 
• Span width:  20.5 m 
• Beam flange width: 0.65 m 
• Beam height:  0.80 m 
• Concrete strength: 40 MPa 

 
There are 54 beams in Wilpsedijk and 66 beams in Iordensweg, see the top view of both 
bridges in Fig. 6-30 and Fig. 6-31. Cracking and spalling of the concrete beams were found 
by the inspection of 2002. All the damage occurred at the end parts of the beams (the so-
called beam-heads), within 1 m distance from the supports. Total 108 beam-heads are present 
in bridge Wilpsedijk and 132 beam-heads in Iordensweg, which are indicated by the dashed-
line area in Fig. 6-30 and Fig. 6-31. The degree of damage of the beam-heads is classified by 
5 degrees based on visual inspection in Hoofdrapportage (2002), see Fig. 6-32 and Table 6-6. 
 

Fig. 6-30 Upward view of the bridge Wilpsedijk (33E-109 Rapportage 2002) 

 
 
 

54 beam heads at
support 1  54 beam heads at 

support 2  

Traffic direction 
Drainage direction
on top o f the deck 
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Fig. 6-31 Upward view of the bridge Iordensweg (33E-108 Rapportage 2002) 

  

 
 
 
 
 
 
 
 
 
 
 
 
        Degree 1: Crack at the corner 
  

 
Degree 3: Crack at the corner and with vertical crack 

 
   

 
 
 
 
 

    
      Degree 2: Spalling at the concrete edge  
 
 
 

Degree 4: Spalling at the concrete corner and  
                                    spalling at the side of the beam 

66 beam heads at
support 1  66 beam heads at

support 2  

Traffic direction Drainage direction
of top of the deck 
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                                                                           Degree 5: Damage in the lower part of the beam up to 
                                                                        the support and/or prestressing anchors being  

out-of-operation. 

Fig. 6-32 Damage degrees of the beam-heads 

 
Table 6-6 Damage degrees (Hoofdrapportage 2002), 

Damage Damage description by Hoofdrapportage 2002 
Degree 0 Initiation of rebar corrosion 
Degree 1 Crack at the corner 
Degree 2 Spalling at the corner  
Degree 3 Crack at the corner and with vertical crack 
Degree 4 Spalling at the corner and spalling at the side of the beam 
Degree 5 Damage under the beam up to the support and/or prestressing anchors being out-of

-operation 
 
If we define the damage degrees by different symbols shown in Table 6-7, the inspection 
results of the damage situation of each beam-head are shown in a schematic diagram in Fig. 
6-33 and Fig. 6-34. 
 

Table 6-7 Colour definition for different damage degrees 

Damage category No damage Cat. 1 Cat. 2 Cat. 3 Cat. 4 Cat. 5
color

 
 

1 2 3 54

Beam-heads in support 1 of bridge Wilpsedijk

1 2 3 54

Beam-heads in support 2 of bridge Wilpsedijk

 
Fig. 6-33 Inspection results of the damage in bridge Wilpsedijk (Note: Support 1 and 2 see Fig. 6-30) 

 

1 2 3 66

Be am-he ads  in support 1 of bridge Iorde nsweg

Be am-he ads  in support 2 of bridge Iorde nsweg

1 2 3 66

 
Fig. 6-34 Inspection results of the damage in bridge Iordensweg (Note: Support 1 and 2 see Fig. 6-31) 
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The purpose of this case study is to present an evaluation of the condition of the beams, to 
predict the development of damage in the beam-heads, and to provide possible optimal repair 
strategies for these two bridges. Deterioration processes with five damage degrees by chloride 
ingress are evaluated using the probability-based reliability analysis with the incorporation of 
spatial variability of concrete properties. The influence of the application of time-independent 
and time-dependent chloride diffusion coefficient in the deterioration models as well as the 
impact of non-equal correlation of elements and equal correlation of elements will be 
discussed. Due to the relatively serious damage of the beam-heads, repair strategies are 
planned in order to extend the lifetime of the beam-heads. A comparison is made between in-
time repair and delayed repair. Concrete deterioration and repair strategies for the beam-heads 
are discussed within a timeframe of 60 years since the construction year of 1970. 

6.2.2 Modelling of deterioration 

6.2.2.1 Damage mechanisms  
From “Hoofdrapportage 2002” and “Rapportage 2002”, the damages of the beam-heads are 
related to a few causes, such as chloride-induced corrosion of rebar, corrosion of prestressing 
steel, construction mistakes, deformation restriction by rigid supports, etc. First step of 
analysis is to find a dominant reason. Joints are located in both ends of the span (supports) of 
the bridges where leakage has occurred already for a long time. The leakage situation with 
respect to the beam-heads is shown in the next table (the age of leakage is by estimation of 
experience):  

Table 6-8 The leakage situation of both bridges’ beam-heads 

 Bridge Wilpsedijk Bridge Iordensweg 
Number of beam heads 108 132 
Leakage >= 10 years  32 (30%) 47 (35.6%) 
Leakage < 10 years  15 (14%) 27 (20.5%) 

 
Generally, leakage is a big reason to accelerate chloride penetration into concrete and cause 
the concrete damage. Furthermore, samples were tested for chloride ingress near the beam-
heads (Hoofdrapportage 2002) of which the results of chloride content at depth of 30 mm are 
displayed in Fig. 6-35. Apart from the test results, the figure shows the trend line of the 
relationship between the chloride content at the depth of 30 mm and the damage degrees of 
the beam-heads. A clear correlation between the chloride level and the concrete damage can 
be seen. Therefore, chloride-induced corrosion of the rebar is assumed to be the dominant 
mechanism for concrete degradation in this study, while other mechanisms are neglected. In 
case other mechanisms would be present, of course this could be integrated in the 
probabilistic prediction model as well. 
 

Fig. 6-35 Chloride content (by mass of cement) vs. damage degrees 
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6.2.2.2 Deterioration prediction models (service life prediction): 
The service life of the concrete beams includes the initiation period and the propagation 
period. The five damage degrees can be incorporated as shown in the following figure: 
 

Fig. 6-36 Main events related to the service life 

 
The deterioration models for these two periods are described by the equations (4.1), (4.3), 
(4.6), (4.7) and (4.8) in Chapter 4. The initial uniform chloride concentration in the concrete is 
neglected in equation (4.3) and the chloride diffusion coefficient is assumed to be time-
independent. In this research, the five damage degrees are quantified by defining the critical 
crack width (in equation 4.5, i = 1 for degree 1; i = 2 for degree 2; i = 3 for degree 3; i = 4 for 
degree 4; i = 5 for degree 5;):  
 
Cracking (damage degree 1 in Fig. 6-32): Based on the available knowledge a value of 0.3 
mm has been selected (Duracrete 2000-1) to cause the start of cracking in this damage degree. 
 
Spalling (damage degree 2 in Fig. 6-32): Based on the available knowledge a value of the 
crack width of 1 mm has been assumed to cause spalling (Duracrete 2000-1). 
 
The three other damage degrees are situated in the propagation period before beam collapse 
(degree 3, 4 and 5 as shown in Fig. 6-32) for which no literature or reference can be found in 
order to define them quantitatively. For consistency, values of crack width will still be used to 
define the damage degree 3 to 5. It is assumed that these critical values of the crack width for 
the damage degrees 3 to 5 are 1.5 mm, 2 mm and 3 mm, respectively.  

6.2.2.3 Input parameters  
 
1) Deterministic parameters and stochastic variables 
The input parameters for the models of the initiation period and propagation period are shown 
in Table 6-9 and Table 6-10.  

Table 6-9 Input data for initiation period  

Variable Dist. Mean Std. Dev. Reference 
CCl;s Normal 0.89% (by cement) 0.37 % (by cement) Appendix F 
CCl;cr Normal 0.50 % (by cement) 0.15 % (by cement) Duracrete (2000-2) 
DCl Normal 2.7E-5 m2/Year 1.1E-05 m2/Year Appendix F 
a Lognormal 0.032 m 0.010 m Note for Table 6-9 

 
Note for Table 6-9:  

Initiation Propagation 

I) Initiation of Corrosion 
II) Cracking 
III) Spalling 
IV) Structural failure 

Damage degree 

Time 

 II  I III IV

1
2
3
4
5

0
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The cover depth is determined based on the following considerations:  
a) The designed cover depth is 25 mm, obtained from the design drawing for these prestressed beams: “21 

METER RANDBALKEN EN 21 METER BALKEN”, R.W.29 HOLLAND TWENT ROUTE (E8) 
K.W.18 VIADUCT OVER DE PROVINCIALE WEG No.9, COD No.B78.829. 

b) The Laboratory report in the Hoofdrapportage 2002 by “Dansk Beton Teknik A/S” gives a cover depth 
of 36 mm for bridge Iordensweg.  

c) By field inspection, it was found that the cover depths are between 25 and 40 mm. 
d) In Gaal (2004), it is shown that the beams for bridges built in 1970 in the Netherlands have an extra 

cover thickness; in practice it is 17 mm beyond the required 25 mm, therefore the actual mean cover is 
42 mm. The standard deviation is 9.7mm for the beams. 

To be at the safe side, for the mean value of the cover depth the average of 25 and 40mm ((25+40)/2=32mm) 
will be taken, with a coefficient of variation of 0.3. 

 
 Table 6-10 Input data for propagation period  

Variable Reference Dist. Mean Std. Dev. 
β Duracrete (2000-2) Normal 8.6 (top) 

10.4 (bottom) 
9.5 (Average) 

- 
 
2.85 

Vcorr;a Duracrete (2000-2) Normal 0.003 mm/year 0.004 mm/year 
wt  Duracrete (2000-2) Normal 0.75 0.20 

α Duracrete (2000-2) Normal 9.28 4.04 

s1  Duracrete (2000-2) Normal 74.4 mm 5.7 mm 

s2  Duracrete (2000-2) Normal 7.3 mm 0.06 mm 

s3  Duracrete (2000-2) Normal -17.4 mm/Mpa 3.2 mm/Mpa 

a - Lognormal 0.032 m 0.01 m 
φ  Hoofdrapportage (2002) Deterministic 0.008 m  
tage - Deterministic 32  
fco Hoofdrapportage (2002) Normal 40 MPa 6 MPa 
λ Duracrete (2000-2) Normal 0.96 0.005 
Y1 Duracrete (2000-2) Lognormal 1 0.06 
Y2 Duracrete (2000-2) Lognormal 1 0.30 
wcr,1 Normal 0.3 mm 0.12 mm 
wcr,2 

Duracrete (2000-1)  
Normal 1.0 mm 0.40 mm 

wcr,3 - Normal 1.5 mm 0.60 mm 
wcr,4 - Normal 2.0 mm 0.80 mm 
wcr,5 - Normal 3.0 mm 1.20 mm 

 
Note for Table 6-10: 
• The parameter β controls the propagation: Duracrete (2000-2) provides values for the top and bottom side of 

beams. In most cases, the damages are located at the side area of the beams; therefore, the mean of these two 
values is applied. 

• The mean corrosion rate acorrV ;  and the wetness period wt are taken from Duracrete (1998) under exposure 
classes: rarely-wet dry with chloride initiated corrosion.  

 
2) Variables with random spatial variation (spatial fields) 
Besides all the deterministic parameters and stochastic variables, a rational choice has to be 
made for the variables with random spatial variation (spatial fields). The correlation between 
different points (ρ∆x) for each variable is calculated by equation (5.1) in chapter 5. Because 
leakage of the joints located above the supports of the bridges have a great effect on the 
degradation of the concrete beam-heads, in this study the following three variables show 
spatial variation: 
• The surface chloride concentration cCl;s (initiation period) 
• Average corrosion rate acorrV ;  (propagation period) 
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• Time of wetness of the environment tW (propagation period) 
 
The traffic direction and the drainage slopes on top of the deck surface are shown in Fig. 6-31 
and Fig. 6-32. The middle beams are higher than the edge beams. The lowest points of the 
deck surface are the four corners. Therefore, there exists systematic spatial variation for the 
wetness period of the beam-heads. This systematic spatial variation is excluded in this case to 
simplify the calculation. Besides, the beams of the bridge are prefabricated prestressed and the 
beam-heads are relatively independent from each other. Therefore, the spatial variation of the 
concrete cover, the diffusion coefficient of chloride, the compression strength of concrete can 
be neglected. 
  
Based on experience and the limited test data from Appendix D, the input parameters for the 
three variables with spatial variability are assumed to be: ρ0 = 0 and d = 2 m, based on limited 
available knowledge and experience. 
 
3) Quantification of damage degrees 
The damage degrees in Fig. 6-32 are quantified in Table 6-11. 
 

Table 6-11 Quantifications of the damage degrees 

Quantitative description 
Damage ≥  Degree 0 

;Cl Cl crc c≥  

Damage ≥  Degree 1 
,1crw w≥  

Damage ≥  Degree 2 
,2crw w≥   

Damage ≥  Degree 3 
,3crw w≥  

Damage ≥  Degree 4 
,4crw w≥  

Degree 5 
,5crw w≥  

 
Note for Table 6-11:  
 “Damage ≥  Degree i (i = 0,…,5)” means that it includes all the damages (damages in degree i, i+1,…,5)  that 
are not lower than degree i. For example, suppose that 12 beam-heads satisfy “Damage ≥  Degree 2”, it includes 
x1 beam-heads in damage degree 2, x2 beam-heads in damage degree 3, x3 beam-heads in damage degree 4 and x4 
beam-heads in damage degree 5 in such a manner that the total number 12 = x1 +x2 +x3 + x4. 
 

6.2.2.4 Calculation results for the deterioration process 
As shown in Fig. 6-37 and Fig. 6-38, a 1-dimensional “beam” models all the beam-heads at 
one end of the span. The number of elements in this “beam” is equal to the total number of 
beam-heads.  The 1-dimensional model is considered as a homogeneous spatial random field. 
 

1 2 3 i 54

54*0.65=35.1m

0.
8m

N

 
Fig. 6-37 Model discretisation of the beam-heads at one end of the span of bridge Wilpsedijk 
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1 2 3 i 66

66*0.65=42.9m

0.
8m

N

 
Fig. 6-38 Model discretisation of the beam-heads at one end of the span for bridge Iordensweg 

 
 
The Monte Carlo Method is used for the reliability analysis with respect to the occurrence of 
each possible failure mode. This is a simple way to perform the calculation with the 
consideration of spatial variation. The Monte-Carlo Method is carried out in the space of 
independent standard normal variables. Therefore, the correlated random variables with 
spatial variation are transformed into independent standard normal variables; see “Appendix 
C Transformation of the correlated normal random variables”. 
 
Because the input data from the two bridges are very similar, the detailed results will be only 
shown for Bridge Wilpsedijk: The area of the beam heads with initiation of rebar corrosion 
during 60 years is shown at the left-hand side of Fig. 6-39. If the “area” is translated into the 
“number” of beam-heads, the corresponding figure is shown at the right-hand side of Fig. 
6-39. The meaning of 20%, 50% and 80% has been explained in chapter 5. 

Fig. 6-39 Initiation of rebar corrosion by area and by the number of beam-heads during 60 years  

 
Fig. 6-39 shows that on average, the predicted rebar corrosion began since 1985 in 1.9% area 
of the beam-heads, which also means that one beam-head had initiation of rebar corrosion. 
The lower bound and upper bound is 0 and 15 beam-heads. In 2002, on average, the predicted 
area of the beam-heads with initiation of rebar corrosion was 33.3%, which corresponds to 15 
beam-heads. The lower bound and upper bound are 0 and 33 beam-heads. 
 
Similarly, the predicted number of the beam-heads that show visual damage with damage ≥  
degree 1 and damage ≥  degree 2 during 60 years is displayed in Fig. 6-40. Fig. 6-41 and Fig. 
6-42 show the damage development not less than degree 3, 4 and 5 during 60 years. For 
example, take the average value in Fig. 6-40 for year 2002. It shows that there are 7 beam-
heads with visual damage not less than degree 1, while there are 4 beam-heads with visual 
damage not less than degree 2. Therefore, it is known that in 2002, there are 7 – 4 = 3 beam-
heads with damage in degree 1. 
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Fig. 6-40 Number of beam-heads with damage not less than degree 1 and not less than degree 2 

 
 
 
 
 
 
 
 
 
 

Fig. 6-41 Number of beam-heads with damage not less than degree 3 and not less than degree 4 

Fig. 6-42 Number of beam-heads in degree 5 over time 

 
Fig. 6-43 provides the general overview of the average, the upper-bound and lower-bound 
damage developments during 60 years from degree 0 to degree 5. On average, it takes about 
10-15 years from initiation of corrosion to damage degree 1 (cracking). However, the time 
involved for damage development from degree 1 to degree 5 is relatively short; it can be seen 
that in general it takes about 2 years to shift between every two neighbouring degrees. 
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(a) Average damage developments 

(b) Upper bound damage developments  (c) Lower bound damage developments 
 

Fig. 6-43 Damage developments over a period of 60 years  

 
From the general overview of the damage development during 60 years in Fig. 6-43 (a), the 
average number of beam-heads for each damage degree in each year can easily be obtained. 
For example, take the damage situation in year 2002 again. It shows that there are 15 beam-
heads in 2002 with initiation of rebar corrosion, among them 7 beam-heads have damage that 
are not less than degree 1, 4 beam-heads are not less than degree 2, 3 beam-heads are not less 
than degree 3, 2 beam-heads are not less than degree 4 and 1 beam-heads are in degree 5. 
Therefore, the number of beam-heads in the different damage degrees can be obtained as is 
shown in Table 6-12.   
 
If the lifetime of the beam-heads is defined to end when the average area with damage in 
degree 5 is larger than 10% (Fig. 6-44), i.e., if there are 5 beam-heads with damage in degree 
5 for bridge Wilpsedijk, then the bridge Wilpsedijk cannot be in service anymore. This means 
that the lifetime of the bridge Wilpsedijk will end at the year 2015 (shown in Fig. 6-43 (a)). 
Therefore, the average lifetime of bridge Wilpsedijk will be about 45 years. It is clear that in 
2030, the number of beam-heads in degree 5 will be increased to 11 if no repair is performed.  
Similar results can be found for bridge Iordensweg. 
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Percentage of beam-heads in category 5

10%

lifetime  
Fig. 6-44 Definition of the bridge lifetime  

 

6.2.2.5 Comparison between calculation results and inspection results 
 
Table 6-12 gives the results for the year 2002 by calculation and by inspection for both 
bridges. In the total average damaged beam-heads of two bridge supports, the scatter between 
the calculation and the inspection is about 10% for Bridge Wilpsedijk, but it reaches about 
64% for Bridge Iordensweg. On the other side, the predicted number for each damage degree 
has large difference with the inspections. One possible reason may be that the visual damage 
develops quickly from one degree to another in one beam-head and it was found one beam-
head even stayed in one degree only for half year in practice. The same situation can be found 
from the calculation in Fig. 6-43 too. Another reason may be that other deterioration 
mechanisms, which are neglected in the calculation, also contribute to the damage of the 
structure to some extent. Therefore, it is reasonable to say that the calculations are generally 
in agreement with the inspections. 
 

Table 6-12 Number of damaged beam-heads in each degree by inspection and by calculation in 2002 

Inspection results Calculation results for one 
support  (Average)  

Bridge Wilpsedijk Bridge Iordensweg 

Damage degree 

Support 
1 

Support 
2 

Support 1 Support 
2 

Bridge 
Wilpsedijk 

Bridge 
Iordensweg 

0 - - - - 8 8 
1 0 0 0 0 3 3 
2 6 4 1 2 1 1 
3 1 0 0 0 1 1 
4 0 0 0 0 1 1 
5 2 2 1 1 1 1 

Total visual damage 
from degree 1 to 5 

9 6 2 3 7 7 

 

6.2.3 Repair strategies 

6.2.3.1 Repair criterion 
 
From the inspection technicians, almost no damage was found 5 years ago by visual 
inspection. A lot of visual damages (cracking and spalling of concrete) appeared in the beam-
heads of the bridge by the inspection in 2002. Repair has to be arranged afterwards to prevent 
progress toward more damage in an unacceptable level, or even toward possible structural 
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failure. This repair will be called “delayed repair” since it will happen after a lot of damage 
was already found in 2002. It is compared with the hypothetical in-time repairs discussed in 
the next paragraphs: 
   
Case I: In-time repair  
Visual inspection is performed every year, necessary repair is carried out from t = year 1970. 
If the area of visual damage ≥  degree 5 is larger than 10%, the damaged beam-heads will be 
repaired (see Fig. 6-45). It is assumed that the repaired beam-heads are brought back to the 
original state. (This case cannot be realised in practice any more, it is shown just for 
comparison.) 
 
Case II: delayed repair since 2003  
Visual inspection is performed every year, repair is carried out from t = year 2003. If the area 
of visual damage ≥  degree 5 after 2003 is larger than 10%, the damaged beam-heads will be 
repaired. Repair method and effects are the same as for case I. 

Fig. 6-45 Criterion for repair  

6.2.3.2 Cost calculation 
The optimal maintenance strategy is determined simply by minimizing the total expected cost 
E[C]. The same cost formulas are as introduced in Chapter 5: equation (5.3), (5.4) and (5.5). 
Only equation (5.6) is subjected to a minor change and reads as follows: 

 
; 0rep j uC C C m= + ⋅        (6.3)                        

Where:  
 Crep;j  The repair costs at year j 
 C0   Start-up repair cost  

Cu   Unit repair cost for one beam-head 
m  Number of repaired beam-heads 

 
The repair costs for one damaged beam-head in practice varies due to the different situations 
of the beams and bridges. Therefore, for practical reasons, an average value of 1000 euros is 
chosen as the repair cost for one beam-head with a start-up cost of 1000 euros for each repair 
project (Table 6-13). The repair effects and the expected repair costs will be discussed in 
detail in the next paragraphs. The interest rate is set to zero due to the short period under 
consideration (from year 2003 to year 2030, only 27 years). Therefore, the inspection cost per 
year is fixed. This will not affect the minimum total costs and will not be shown here.  
 

Table 6-13 Repair cost input 

 C0 Cu r 
Value 1000 euro 1000 euro 0 

Number of beam-heads in 
damage degree 5  

5

Repair decision level 

 Time 
 T1 T2
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6.2.3.3 Comparison of different repair options 
In this section, eight repair scenarios (Table 6-14) will be discussed, and their repair effects 
and costs are compared. Due to the fact that the average damage development for different 
scenarios is the most concerned issue, the results of the upper bound and lower bound of the 
damage development are neglected. 
 

Table 6-14 Different repair scenarios 

Strategy Repair case Repair time Repair scenario 
1 repair a1 In-time repair 

(case I) 2 repairs a2 
1 repair b1 

 
Strategy 1 

Delayed repair  
(case II) 2 repairs b2 

1 repair c1 In-time repair 
(case I) 2 repairs c2 

1 repair d1 

 
Strategy 2 

Delayed repair  
(case II) 2 repairs d2 

Strategy 1: Repair only damaged beam-heads  
Strategy 2: Repair damaged beam-heads and the neighbouring ones 

Strategy 1 
The average damage development in different degrees due to the four repair scenarios in 
strategy 1 (Table 6-14) is shown in Fig. 6-46. Compared with Fig. 6-43 (a), it can be seen that 
the damage development rates decrease after different repair scenarios. The number of 
damaged beam-heads becomes less after the 2nd repair than after the 1st repair. The 
corresponding yearly-expected repair costs are shown in Fig. 6-47. 
 

a) Scenario a1     b) Scenario a2 

c) Scenario b1     d) Scenario b2 

Fig. 6-46 Damage developments in different degrees for the scenarios in strategy 1 
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a) Scenario a1     b) Scenario a2 

c) Scenario b1     d) Scenario b2 

Fig. 6-47 Yearly expected costs for the scenarios in strategy 1  

 
Fig. 6-47 shows that  

1) The 1st possible in-time repair falls in the period that started around 1979. However it 
has a high probability to take place during the period 1989-2010 and the yearly repair 
costs are relatively high. For the 2nd in-time repair, this period is delayed about 5-10 
years.  

2) Although for delayed repair scenarios, there is no expected yearly repair costs before 
2003, there is a high cost peak (>5000 euros) at the year 2003 when the 1st delayed 
repair begins. It is even higher than the total expected costs for repair scenario a1. The 
2nd time delayed repair is more costly than the 2nd time in-time repair too. 

Strategy 2:  
The average damage development in different degrees due to the four repair scenarios in 
strategy 2 (Table 6-14) is shown in Fig. 6-48. The corresponding yearly-expected repair costs 
are visualised in Fig. 6-49. Fig. 6-48 and Fig. 6-49 refer to the similar situations as valid for 
strategy 1. The detailed differences are provided in next section by comparison of the 
performance indicators and the total costs.   
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c) Scenario d1 d) Scenario d2 
Fig. 6-48 Damage developments in different degrees for the scenarios in strategy 2 

 

a) Scenario c1     b) Scenario c2 
 
 
 

 
 
 
 
 
 
 

 
c) Scenario d1    d) Scenario d2 

Fig. 6-49 Yearly expected costs for the scenarios in strategy 2 

 

6.2.3.3.1 Comparison of different repair scenarios 
The performance indicators of the eight repair scenarios are shown in Fig. 6-50. Fig. 6-51 
displays the total repair costs for the same eight repair scenarios. 
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Fig. 6-50 Performance indicator for the different repair scenarios 

 

 
Fig. 6-51 Repair costs for the different repair scenarios 

 
If it is defined that the lifetime ends when the average number of damaged beam-heads 
exceeds 10%, the following repair approaches (Table 6-15) may extend the lifetime of the 
beams to 60 years. The results in Fig. 6-46 and Fig. 6-48 are compared in Table 6-16 and Fig. 
6-52. The total weight is calculated by equation (5.7). 

 
Table 6-15 Different repair approaches to extend the lifetime of the beams to 60 years 

Repair 
approach 

Description 

1) (a1+a2) 2 times of in-time repair of strategy 1 
2) (b1) 1 time of delayed repair of strategy 1 
3) (c1) 1 time of in-time repair of strategy 2 
4) (d1) 1 time of delayed repair of strategy 2 
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Table 6-16 Comparison of different repair approaches 

Repair 
approach 

Performance 
indicator (Ii)  

Total cost (Ci) (euro) 
 

Total weight 
(W) 

1) (a1+a2) 0.390 6687 0.05 
2) (b1) 0.489 6873 0.13 
3) (c1) 0.407 8132 0.30 
4) (d1) 0.278 12137 11864 

 

Fig. 6-52 Total costs versus performance for different repair approaches 

 
Comparison of the total weights of the 4 repair approaches in Table 6-16 shows that repair 
approach 1) is the optimal repair strategy with the lowest total weight. However, this is an in-
time repair strategy that is not practical anymore, no measure has been taken until 2002. 
Therefore, repair approach 2) will be the best repair strategy after 2002. 
 
If only the costs or only the repair effect is considered, it is easy to select the proper repair 
approach from Fig. 6-52. It directly can be seen that repair approach 1) has the lowest costs 
while repair approach 4) has the best repair effect. 
 

6.2.4 Comparison of time-dependent and time-independent chloride 
diffusion coefficient 

In the results of previous sections, chloride diffusion coefficient DCl is set to be time-
independent for the initiation period of deterioration. In this section, the results of the 
deterioration process by using a time-dependent chloride diffusion coefficient are shown and 
compared with the results by using the time-independent chloride diffusion coefficient.  
 
All the deterioration prediction models and the input parameters including the random fields 
used in section 6.2.2.2 and 6.2.2.3 are used in this section, except the time-independent 
chloride diffusion coefficient DCl is replaced by equation (4.5) in Chapter 4, where t0 = 1 and 
na is the aging factor with beta distribution, its mean = 0.5 and standard deviation = 0.07 
(Duracrete 2002-2). The reference chloride diffusion coefficient DCl;0 can be obtained by the 
same way introduced in the previous example where DCl is calculated by curve fitting in 
Appendix F based on the measurements in year 2002 (t = 32). 
 
The results are: DCl;0 is a normally distributed variable with the mean = 7.64E-5 m2/year and 
the standard deviation = 3.11E-5 m2/year, and the equation (4.3) is changed to: 
 

4000

8000

12000

16000

0.2 0.3 0.4 0.5

Performance indicator (I)

To
ta

l c
os

ts
 (e

ur
o)

1)

2)

3)

4)



Chapter 6  121 

 

; ; ;

;0 0

( , ) ( )
4
(1 )

a
Cl Cl i Cl s Cl i n

Cl

a

ac x t c c c erfc
D t t

n t

= + − ⋅
⋅ ⋅  ⋅ −  

  (6.4) 

 
The final results of the number of beam-heads in different damage degrees over time are 
illustrated in Fig. 6-53. Fig. 6-54 provides the general overview of the average damage 
developments during 60 years from degree 0 to degree 5. 
 

 

Fig. 6-53 Number of beam-heads in different damage degrees over time 
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Fig. 6-54 Average damage developments over time of 60 years  

 
 
By comparing Fig. 6-53 and Fig. 6-54 with the corresponding figures in Fig. 6-39 to Fig. 
6-43, the differences of results by using a time-dependent chloride diffusion coefficient are: 

• The corrosion rate of the beam-heads is slower for the initiation period. However, the 
average time with the first corrosion is put forward to year 1978 (Fig. 6-54a), almost 
10 years earlier than the previous result in Fig. 6-43. The same phenomenon is found 
for the time of first occurrence of each damage degree in the propagation period. 

• If the same definition for the lifetime of the beam-heads is used that the lifetime ends 
when the number of beam-heads in damage degree 5 is larger than 5, the lifetime of 
only 36 years (at year 2006) is found for the beam-heads, which is shorter than the 
original prediction of 45 years (Fig. 6-54a). 

• The comparison of the calculation and inspection results in 2002 is shown in Table 
6-17. The number of beam-heads in higher damage degrees is larger than the 
calculation results under the application of time-independent chloride diffusion 
coefficient. However, the results are more compatible with the inspections in 2002, 
which is shown in Table 6-12. The number of beam-heads in damage degree 0 (with 
initiation of corrosion) is almost the same with the original result. 
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Table 6-17 Number of damaged beam-heads in each category in 2002 by calculation for bridge Wilpsedijk 

Damage degree Calculation for time-
dependent DCl (Average)  

Calculation for time-
independent DCl (Average) 

0 7 8 
1 2 3 
2 1 1 
3 0 1 
4 2 1 
5 3 1 

Total visual damage 
(degree 1 to 5) 

8 7 

 

6.2.5 Comparison of equal correlation among all the beam-heads 
Generally, the correlation of the discretised elements of the structure is assumed to be a 
function of distance between the elements as discussed in equation (5.1) of Chapter 5. It is 
worth having a comparison with another correlation law as for example: all the discretised 
elements are equally correlated irrespective of the distance between them. That is to say, the 
equation (5.1) may be changed to:  
 

 0 ( )

1 ( )
ij

ij

i j

i j

ρ ρ

ρ

= ≠

= =
 (6.5) 

 
where ρij refers to the correlation coefficient of element i and element j. ρ0 refers to the 
common source of correlation for all the elements.  
 
If ρ0 = 0.5 is applied, the similar average, upper-bound and lower-bound damage 
developments over time of 60 years for the beam-heads are illustrated in Fig. 6-55. The 
detailed damage development for each degree is neglected. 
 
Compare Fig. 6-55 with Fig. 6-43, there are following differences for the condition of equal 
correlations of all the elements: 

• The average time with the first corrosion is almost the same, about 3 years later than 
in Fig. 6-43a (Fig. 6-55a). The same phenomenon is found for the time of first 
occurrence of each damage degree in the propagation period. Generally, the period 
from the initiation of corrosion to the damage degree 1 is longer than before.  
Therefore there is less visual damage (degree 1 to 5) every year. 

• If the same definition for the lifetime of the beam-heads is used that the lifetime ends 
when the number of beam-heads in damage degree 5 is larger than 5, the lifetime of 50 
years (at year 2020) is found for the beam-heads, which is longer than the original 
prediction of 45 years. The repair costs for the related repair strategies will be different 
too. 

• The comparison of the calculation and inspection results in 2002 is shown in Table 
6-18. The number of beam-heads in higher damage degrees is smaller than the 
calculation results under the application of time-independent chloride diffusion 
coefficient, which are illustrated in Table 6-12. The number of beam-heads in damage 
degree 0 (with initiation of corrosion) is almost the same with the original result. 
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Fig. 6-55 Average damage developments over time of 60 years under equal correlations of all the elements 

 
Table 6-18 Number of damaged beam-heads in each category in 2002 by calculation 

Damage degree Calculation for time-
dependent DCl (Average) 

Calculation for time-
independent DCl (Average) 

0 7 8 
1 2 3 
2 1 1 
3 0 1 
4 1 1 
5 0 1 

Total visual damage 
(degree 1 to 5)  

4 7 

 

6.2.6 Conclusions 
The following conclusions are drawn for this case: 
 

• The deterioration process including the initiation and propagation process was 
predicted for the concrete beam-heads of a bridge by using the common probability-
based reliability analysis, in which a spatial approach has been incorporated. For 
example, at any given year in the lifetime period (60 years), the number of beam-
heads in any given damage degree (degree 0 – 5) can be calculated in a range between 
upper bound and lower bound. 
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• Delayed repair needs to be performed immediately in 2003, if not there will be much 
higher repair costs in 2004. 

• Delayed repair is more costly than the in-time repair no matter which strategy is used 
for this case. 

• The approach with consideration of spatial variability is feasible for practical 
application. The calculation results of the deterioration process are generally 
compatible with the inspection results in 2002. If the time-dependent chloride 
diffusion coefficient is considered in the deterioration models, the reliability analysis 
can be more realistic.  

• If equal correlation is assumed for all the beam-heads, there will be some difference 
on the results of damage development as well as the related repair strategies from the 
results given that correlation is a function of distance. This also proves the importance 
of finding the real correlation situation of the beam-heads from another point of view. 

• The analysis given in this case considers only corrosion of reinforcement as a cause of 
damage to concrete (cracking, spalling); however, corrosion of prestressing steel may 
cause much more serious results than that. For example, the prestressing tendons may 
lose tensile capacity, in extreme cases may cause brittle (sudden) structural failure; 
furthermore, cracking of concrete near supports (the beam-heads) may cause serious 
load bearing problems, which would have a severe impact on the serviceability and 
safety of the structure. For the sake of this example on spatial variability of concrete 
deterioration, these effects are neglected. 
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6.3 Case III: Concrete deck of Port Tomakomai, Hokkaido in Japan 

6.3.1 Introduction 
In Japan, the deck of an open type of ports is mainly constructed with reinforced concrete. 
However, most of it is seriously damaged by chloride attack. Service life prediction and life 
cycle management systems are eagerly required for a rational maintenance (Komure, et al., 
2002-1). Visual field investigations were carried out in 14 ports (Fig. 6-56, Komure, et al., 
2002-2) including 25 wharves all over Japan from 1997 to 2001. The general cross section 
and a typical plan view of the port of wharf are shown in Fig. 6-57.  
 

 
Fig. 6-56 General overview of the Japanese ports investigated in the period 1997-2001  

 

 

       
Fig. 6-57 Cross-section and plan view of a typical port of wharf 

 
The damage degrees of each member: beam, slab and joint, was judged according to the 
criteria summarized in Table 6-19 (Komure, et al., 2002-1). Examples of each damage degree 
are shown in Fig. 6-58. Fig. 6-59 gives an example of the deterioration distribution in a wharf 
evaluated by visual observation. It shows clearly that the variation in deterioration degree is 
randomly distributed even in one block of the wharf and not related to the position of the 
members. 
 

R.C. deck

Pile 

Bank

Beam 

JointsSlab



Chapter 6  127 

 

Table 6-19 A criteria of deterioration degree judgement by surface appearance (Komure, et al., 2002-1) 

 
Deterioration 

degree 
Items 

 
O 

 
I 

 
II 

 
III 

 
IV 

 
V 

Cracks None Hair cracks in 
one direction 
(slabs) 
Hair cracks 
perpendicular to 
rebar (beams) 

Crack width over 
0.3mm,  
Cracks in two 
directions (slabs) 
Cracks parallel to 
main rebar (beams) 

Crack width over 1 
mm 
Crack with rust 
exudation 

Crack width 
over 3 mm 
 

- 

Peeling / 
spalling 

None - Delamination 
without peeling 
A few rebars 
without enough 
cover are exposed 

Some Delamination 
Small peeling / 
spalling for one 
rebar 
Many rebars 
without enough 
cover are exposed 

Much peeling 
/ spalling (> 
10 % of 1 
lock) 
peeling / 
spalling over  
2 or more 
rebars 

Much peeling / 
spalling (> 40 
% of 1 lock) 
 

Rebar 
corrosion 

None Spots of rust 
exudation on 
concrete surface 

Trace of rust 
exudation flows 

Lump of rust 
exudation 

Small loss in 
cross-section 
of rebar 

Large-scale 
loss in cross-
section of rebar 

 
 

 
(a) Examples of deterioration degree I 

 

 
(b) Examples of deterioration degree II 

 
(c) Examples of deterioration degree III 
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(d) Examples of deterioration degree IV 

 

(e) Examples of deterioration degree V 

Fig. 6-58 Examples of deterioration grade from I to V 

 

 

Fig. 6-59 Example of field investigation result of Port J 

 
The model (in this case referred to as “Japanese Markov Model”) is used that was studied by 
Komure, et al. (2002-1 and 2002-2). It describes the deterioration progress of wharves 
contributing to a rational maintenance strategy, which is based on the principle of “Markov-
chain”. In this principle, “State” and “Transition” are the main components, and a probability 
of change from a certain “State” to the next “State” is expressed by using a certain “Transition 
Probability”. The transition probability for each deterioration degree is a constant value, 
because each degree presented in Table 6-19 is controlled to have almost the same time span. 
This model represents well the actual results of field investigations and is of use to predict the 
future deterioration progress of wharves in all sorts of marine environments in Japan. 
 
Port A (Tomakomai), which is located in the northern part of Japan is randomly selected for 
the prediction of the deterioration progress for the concrete deck by using the spatial approach 
developed in this thesis (This is called “Spatial variability Model”). The results of the “Spatial 
variability Model” following the spatial approach of this thesis are compared with the results 
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of the “Japanese Markov Model” by using the “Markov-chain” method in Komure, et al. 
(2002-1 and 2002-2). 

6.3.2 Modelling of deterioration 
The data and method necessary for the calculation of Port A in this thesis are collected from 
Komure, et al. (2002-1 and 2002-2) and the discussions with Dr.Eng. Yokota Hiroshi from the 
Port and Airport Research Institute in Japan. 

6.3.2.1 Introduction of Port A 
The dimensions of the beams and slabs of Port A are shown in Fig. 6-60. The results of the 
field investigation (in 2001) for Port A are shown in Table 6-20. 
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Fig. 6-60 Dimensions of the beams and slabs of Port A (unit is m) 

 
Table 6-20 Results of field investigation (carried out at 2001) for Port A  

Item Slab (Total 273) Beam (Total 558) Name Built 
year Damage 

degree 
O I II III IV V O I II III IV V 

Number of 
members 

2 64 150 54 0 0 3 462 63 26 0 4  
Port A 

 
1968 

Percentage 
(%) 

1 24 56 20 0 0 1 83 11 5 0 1 

 

6.3.2.2 Deterioration prediction models (service life prediction): 
In Fig. 6-61, the deterioration of concrete includes the initiation period and the propagation 
period in both the “Japanese Markov Model” and “Spatial variability Model”, but the 
propagation period in the “Japanese Markov Model” contains three periods: progression 
period, acceleration period and deterioration period. To make the quantification of damage 
degrees comparable with the “Japanese Markov Model”, the “Spatial variability Model” takes 
the same definitions as possible and meanwhile considers the actual situation described in 
Table 6-19. For details see Table 6-21 and Fig. 6-62. 
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(a) “Japanese Markov Model” 

 
 

(b) “Spatial variability Model” 

Fig. 6-61 Stage of deterioration by the “Japanese Markov Model” and the “Spatial variability Model” 

 
For the initiation period, the equations (4.1) and (4.5) are used for the “Spatial variability 
Model”, where the initial uniform chloride concentration in the concrete is neglected and the 
diffusion coefficient of chloride is assumed to be time-dependent in equation (4.3). For the 
propagation period, the “Spatial variability Model” uses two methods. 

• Method I: Equations (4.6), (4.7) and (4.8) in Chapter 4 are used, as were done for the 
previous cases.  

• Method II: To make the damage degrees more comparable with the “Japanese Markov 
Model” in the propagation period, the equation (6.6) and a Japanese empirical 
equation (6.7) by Takewaka to calculate the rate of rebar corrosion are used.  

 
Therefore, the propagation period is controlled by the crack width in Method I and by volume 
reduction of rebar in Method II for the “Spatial variability Model”, while in the “Japanese 
Markov Model” it is only controlled by the volume reduction of rebar, for details see Fig. 
6-62.  
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where: Vred Volume reduction due to corrosion 
Vcr Critical volume reduction due to corrosion  
γFe Density of rebar (7850 mg/ cm3) 
aV Coefficient relating to Vred and to the crack width (= 1500 mg/cm3) 
w0 Initial crack width formed by rebar corrosion (= 0.005 cm) 
φ  Diameter of rebar (in cm) 
α1 Coefficient relating to the rate of corrosion and to the crack width (= 220 

mg/cm3/y) 
t  Elapsed time 

Fig. 6-62 Quantification of deterioration by the “Japanese Markov Model” and the “Spatial variability Model” 

 
Table 6-21 Quantification of the damage degrees for the “Spatial variability Model” 

Quantitative description Damage degree 
Method I Method II 

Degree O cCl < cCl;cr1 = 1.2  kg/m3 cCl < cCl;cr1 = 1.2  kg/m3 
Damage ≥  Degree I cCl ≥ cCl;cr1 = 1.2  kg/m3 cCl ≥ cCl;cr1 = 1.2  kg/m3 
Damage ≥  Degree II cCl ≥ cCl;cr2 = 1.5  kg/m3 cCl ≥ cCl;cr2 = 1.5  kg/m3 
Damage ≥  Degree III cCl ≥ cCl;cr3 = 2.0  kg/m3 cCl ≥ cCl;cr3 = 2.0  kg/m3 
Damage ≥  Degree IV w ≥ wcr,1 = 1.0  mm Vred ≥ Vcr,1 = 1% 

Degree V w ≥ wcr,2 = 3.0  mm Vred ≥ Vcr,2 = 5% 
 

6.3.2.3 Input parameters  
1) Deterministic parameters and stochastic variables 
The input parameters of the “Spatial variability Model” for the initiation period are shown in  
Table 6-22, and the input parameters for the propagation period are shown in Table 6-23.  
 
 
 

 

1.2 kg/m3 2.0 kg/m3 1%  5% 
Chloride content at the rebars Volume loss of rebars Jap.Markov 

Model 

1.2 kg/m3 2.0 kg/m3 1.0 mm 3.0 mm 1.5 kg/m3 

Time 
Degree O Degree I  Degree II Degree III Degree IV Degree V 

Corrosion rate controlled by 
volume loss of rebars Chloride concentration 

Corrosion rate controlled by  
crack width and volume loss of rebars 

 

Chloride concentration 

Jap. Markov 
Model 

Spa. Var.
Model 

Spa. Var.  
Model 

Chloride content at the rebars Crack width of concrete  
   I 
 
  II 

1.2 kg/m3 2.0 kg/m3 1% 5% 1.5 kg/m3 
Chloride content at the rebars  Volume loss of rebars 
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Table 6-22 Input data for the initiation period 

Variable Dist. Mean Std. Dev. Var. Coeff.  
(Duracrete 2002-2) 

CCls Normal 20.35 kg/m3 (beam) 
12.52 kg/m3 (slab) 

6.10 kg/m3 (beam) 
3.76 kg/m3 (slab) 

0.30 

CCl;cr1 Normal 1.2 kg/m3 0.36 kg/m3 0.30 
CCl;cr2 Normal 1.5 kg/m3 0.45 kg/m3 0.30 
CCl;cr3 Normal 2.0 kg/m3 0.60 kg/m3 0.30 
DCl;0 Normal 9.996E-5 m2/year 2.849E-5 m2/year 0.285 
na Beta 0.5 0.07  
a Lognormal 0.070 m (beam) 

 
0.007 m (beam) 
 

0.1  
(Japanese experience) 

Note: 1) the surface chloride content for beams is obtained from measurement, and its value for slabs is 
discounted for the “Spatial Variability Model” based on the Japanese design standard where 13 and 8 kg/m3 are 
specified values for beams and slabs respectively. 
1) the reference diffusion coefficient of chloride is obtained by the same way in the previous 2 cases based on 

the measured chloride diffusion coefficient in 2001: DCl; t=33y = 3.48 E-5 m2/year. 
2) for the unit of chloride content: 2.0 kg/m3 chloride equals to about 0.5% chloride by mass of cement. 
 

 Table 6-23 Input data for propagation period  

Variable Reference Dist. Mean Std. Dev. 
β Duracrete (2000-2) Normal 10.4 (bottom) 

9.5  (side beam) 
3.12 (bottom) 
2.85 (side beam) 

Vcorr;a Duracrete (2000-2) Normal 0.003 mm/year 0.004 mm/year 
Wt  Duracrete (2000-2) Normal 0.50 (slab) 

0.75 (beam) 
0.12 (slab) 
0.20 (beam) 

α Duracrete (2000-2) Normal 9.28 4.04 

s1  Duracrete (2000-2) Normal 0.0744 mm 0.0057 mm 
s2  Duracrete (2000-2) Normal 0.0073 mm 0.00006 mm 

s3  Duracrete (2000-2) Normal -0.0174 mm/MPa 0.0032 mm/MPa 

a Measurement Lognormal 0.070 m 0.007 m 

φ  Design Deterministic 0.022 m (beam) 
0.013 m (slab) 

- 

tage - Deterministic 33 (age at the inspection year) 
fco Duracrete (2000-2) Normal 32.8 MPa 6.56 MPa 
λ Japanese experience Normal 0.85 0.0044 
Y1 Duracrete (2000-2) Lognormal 1 0.06 
Y2 Duracrete (2000-2) Lognormal 1 0.30 
wcr,1 Duracrete (2000-1) Normal 1.0 mm 0.40 mm 
wcr,2 - Normal 3.0 mm 1.20 mm 
Vcr,1 Japanese experience Normal 1% 0.3% 
Vcr,2 Japanese experience Normal 5% 1.5% 

 
2) Variables with random spatial variation (spatial fields) 
Besides all the deterministic parameters and the stochastic variables, a rational choice has to 
be made for the variables with random spatial variation (spatial fields). The correlation 
between different points (ρ∆x) for each variable is calculated by equation (5.1) in chapter 5.  
 
Komure, et al. (2002-1) has shown that the variation of the deterioration degree is random and 
not related to the position of the members and that the deterioration rate is closely related to 
the environmental and structural factors. Therefore, in this study the following variables show 
spatial variation: 
• The surface chloride concentration cCl;s (initiation period) 
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• Concrete cover depth a (initiation and propagation period) 
• Diffusion coefficient DCl (initiation period) 
• Average corrosion rate acorrV ;  (propagation period) 
• Wetness period of the environment tW (propagation period) 
• Critical volume loss of rebar Vcr (propagation period) 
 
Based on experience and limited test data from Appendix D, the input parameters for the 
variables with spatial variability are assumed as in previous cases: ρ0 = 0 and d =2 m. 

6.3.3 Calculation and prediction results for the deterioration process 
One standard slab and one standard beam are taken out for consideration. As shown in Fig. 
6-63, the surfaces of both beam and slab that face the sea (concrete damage occurs at the 
bottom side of the slab, and the bottom side of the beam and the two side surfaces of the 
beam) are discretized by the 2-dimensional model based on the dimensions given in Fig. 6-60. 
The deterioration of a beam will take the average value of the bottom and side surfaces of the 
beam. 
 

             

0.15*20=3.0 m

0.
15

*2
0=

3.
0

m

(a) Bottom of the slab                   

0.15*20=3 m
0.

2*
5=

1m

0.15*20=3 m

0.
2*

4=
0.

8m

(b) Bottom of the beam

(c) Side of the beam  
Fig. 6-63 Model discretisation of the beam and slab 

 
The same method in the previous examples is used to do the reliability analysis for the 
“Spatial Variability Model”. Fig. 6-64 and Fig. 6-65 show the general overview of the 
average deterioration developments of Port A during 60 years from degree I to degree V for 
slabs and beams in the deck by Method I and Method II. Fig. 6-66 and Fig. 6-67 show the 
average damage situations for different deterioration degrees of slabs and beams at the year 
33 and year 43 by Method I and Method II. On average, the deterioration rate of the slabs is 
slower than beams. This is understandable since: 

• the distance of the beams to the seawater level is shorter. 
• sometimes beams are submerged, and dry-wet repetition occurs more frequently in the 

beams. 
• chloride permeates first from the bottom and side surfaces of the beams. 

 
Discussions for Method I and Method II: 

• The Method I and Method II use the same model for the initiation period but different 
models for the propagation period, therefore the results also demonstrate the same 
values for the initiation period but small different values for the propagation period 
(damage degree IV and V). The difference is larger for beams than for slabs. 
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• On average, the first year of the occurrence of damage degree IV or V in Method II is 
earlier than in Method I. 

Therefore the quantifications for the propagation period by crack width and by volume loss of 
rebars are not completely equivalent. 
 
 

(a) Method I      (b) Method II 

Fig. 6-64 Average deterioration developments of slabs over period of 60 years (“spatial variability Model”) 

 

(a) Method I      (b) Method II 

Fig. 6-65 Average deterioration developments of beams over period of 60 years (“spatial variability Model”) 

 

(a) Method I      (b) Method II 

Fig. 6-66 Calculation results at year 33 and at year 43 for slabs by the “Spatial variability Model” 
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(a) Method I      (b) Method II 

Fig. 6-67 Calculation results at year 33 and at year 43 for beams by the “Spatial variability Model” 

 

6.3.4 Comparison  
The computational methods are evaluated from two points of view: 

• Comparison between the calculation results and the inspection results 
• Comparison between the “Spatial variability Model” and “Japanese Markov Model” 

The inspection results in Table 6-20 and the calculation results from the “Spatial variability 
Model” are compared in Fig. 6-68 for slabs and Fig. 6-69 for beams. The same graphs for the 
“Japanese Markov Model” are shown in Fig. 6-70. Meanwhile, the prediction results of 10 
years later (at age 43) are also shown in Fig. 6-71. 
 

(a) Method I      (b) Method II 

 Fig. 6-68 Comparison of the “Spatial variability Model” with the inspection results for slabs 

         (a) Method I                        (b) Method II 

Fig. 6-69 Comparison of the  “Spatial variability Model” with the inspection results for beams 
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Fig. 6-70 Comparison of the  “Japanese Markov Model” with the inspection results  

 

Fig. 6-71 Calculation results at year 33 and at year 43 for the  “Japanese Markov Model”  

 
The previous figures show that: 
 

• The calculation results by the “Spatial variability Model” have a relatively big 
difference with the inspection results. The predicted deterioration rate for the slabs is 
slower in the initiation period than the actual situation but faster in the propagation 
period. It could be two reasons: the assumption for the surface chloride content is so 
small and the quantification for the propagation period is not accurate. 

• The predicted deterioration speed for the beams is faster than the actual situation no 
matter in the initiation or in the propagation period. But the fact of the investigations 
for all the ports shows that beams are generally more vulnerable than slabs in most of 
the cases. This case would be an exception. 

• The calculation results by the “Japanese Markov Model” agree relatively well with the 
inspection results because the transition probabilities were adjusted to agree well with 
the results. 

• The results between the “Spatial variability Model” and the “Japanese Markov Model” 
are large. That is to say, there is big difference between the physical deterioration 
model and the “Markov chain” Model although both models can provide useful 
information for the damage situation of the structure.  
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6.3.5 Conclusions 
 
Both the “Spatial variability Model” and the “Japanese Markov Model” can analyse the actual 
deterioration process for concrete structures with respect to the different damage degrees 
categorized manually by visual inspection results. The “Markov chain” method used in the 
“Japanese Markov Model” is a traditional method, which assumes damage development is 
only dependent on the current condition. The approach in the “Spatial variability Model” with 
the incorporation of spatial variability of concrete deterioration is a new approach to model 
the deterioration process from a physical process point of view. It can provide practical 
information (damage situation of the port deck in each year, which can be checked by visual 
inspection) to facilitate the repair or maintenance strategy for the structures. 
 
The following main factors influence the accuracy of the calculation results for the “Spatial 
variability Model”: 
 

• The important point for modelling the spatial variability is to have information on the 
fluctuation scale of the properties. Just a bit of research is carried out in this area and 
future work is necessary in order to calibrate the model. 

 
• The model for the propagation period is still not mature in the Duracrete report, for 

example it is difficult to find the accurate value for the corrosion rate Vcorr;a in the 
deterioration model, while it is an important parameter that influences the 
development of damage. 

 
• The criterion for quantification of the different deterioration degrees by visual 

inspection results is an important factor for effective use of both the “Spatial 
variability Model” and the “Japanese Markov Model”. However, in practice the 
quantification of the inspection results is highly person dependent (subjective) and 
therefore the overall assessment of the actual state and future performance of concrete 
structures is not performed in a rational and systematic way (Malioka & Faber 2003). 
It is recommended to develop an assessment rule of these categorizations so as to 
gives more accurate quantitative definitions and to match well with the physical 
models. 

 
• Due to both the beams and slabs are in the same environment, the unsatisfying results 

of the beams and slabs in the “Spatial variability Model” come from the data 
uncertainties. It is recommended that more tests can be carried out in the future for the 
following aspects. 

o The reasons why the beams are deteriorating much slower than slabs are 
possibly due to the improper execution, external loads, small concrete cover, 
etc.  

o The surface chloride content for the slabs is determined by discounting the 
value for the beams based on the standards. It is just a trial but may not be true 
in reality. 

 



 

 

Chapter 7 
 
 
 
 
 

7 Summaries, Conclusions and Recommendations 
 

7.1 Summaries 
In this thesis we have developed an improved and more realistic approach for evaluating the 
deterioration process and optimising the repair strategy for concrete structures. It is based on 
the commonly used probabilistic-based reliability methods, but takes into account the spatial 
variability of concrete properties that has great impact on design and maintenance decisions 
for structures. The approach reflects the actual situation more realistically that it has the 
flexibility to implement the spatial property differences of the structure. It can provide not 
only the probability of failure (PF) of the structures over time like other reliability methods, 
but also can produce useful information as the proportion or percentage of the surface area 
that show concrete deterioration e.g., the area with initiation of rebar corrosion, cracking, 
spalling, etc. during the whole period of time.  This information can facilitate the repair or 
maintenance strategies for concrete structures from practical point of view, which is based on 
a given percentage of the structural surface that shows signs of corrosion. In addition, a 
maintenance cost prediction model was developed. Decision making of the optimal 
maintenance or repair strategy is based on the maintenance cost-based optimisation method. 
The approach is demonstrated successfully in three practical cases. 
 
The detailed conclusions of the research work are shown in the following summaries for each 
chapter. 
  
Chapter 2 summarizes the current “Management and Maintenance System” for road and 
water infrastructure in the Netherlands and compares it with the Management and 
Maintenance (bridge) systems elsewhere in the world.  
  
Most of the state-of-art BMSs employ the Markov Decision Process for modelling structural 
deterioration. They do not use a deterioration model to predict the future condition but a 
rating system. The Markov process assumes the deterioration development is only dependent 
on the current state neglects the improvement actions taken in the past. From a physical point 
of view, these aspects are not very satisfying. Probabilistic deterioration models attract more 
interest and they are based more on the physical laws and principles that govern the material 
and structural behaviour.  
 
Most countries do not use BMSs to make decisions on maintenance and repair although 
models and methods have been developed in the BMSs. They decide when maintenance work 
is needed on the basis of inspections and engineering judgement. Opportunities for proactive 
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maintenance that can be very cost-effective are therefore currently overseen. This situation 
can be improved if more convincing maintenance and management systems for structures are 
developed.  
 
Compared with the BMSs in other countries and based on the necessity from practice, The 
Netherlands is putting more effort on the further development and improvement of the 
deterioration models, inspection models and life-cycle costs analysis. Further development for 
the Dutch Management and Maintenance System is needed on quantitative performance 
indicators related to user cost, prediction of deterioration processes and repair effects on 
performance and integration of these into a life cycle approach.  
 
Chapter 3 highlights the basic theory on probability-based maintenance procedures for civil 
engineering structures.  
 
The performance prediction for structures involves numerous uncertainties due to systematic 
lack of data, which is being identified and understood little by little and year by year. 
Probability-based reliability methods may provide a rational way to include the uncertainties 
and to use the scarce resources efficiently. This, of course, is also a very difficult task, as data 
is not readily available. In those cases engineering judgment, collective experience and expert 
knowledge have to fill up this gap. 
 
“Failure” in the reliability analysis not only means structural failure (ULS), but also in most 
cases refers to the situation when the performance of the structure exceeds a predefined limit 
(SLS). The whole life performance of a deteriorating structure can be characterised by finding 
its: 

• probability of failure over the lifetime interval, 
• probability of failure per unit of time (e.g., year), 
• or probability of failure per unit time given that no failure has occurred yet. 

The probability of failure has no sense for a structure if the acceptable target probability of 
failure is not mentioned. The point is it should be clear whether the target probability is a 
yearly failure rate or a failure probability for a period of time. The target probability of failure 
can be time-invariant as well as time-variant. 
 
Maintenance can be distinguished into corrective maintenance and preventive maintenance. 
Preventive maintenance includes use-based maintenance and condition-based maintenance. 
 
Inspections contain visual inspections and inspections by using instruments. Visual inspection 
has been proved to be the most cost-efficient and important inspection method. Given an 
inspection result, Bayesian method is a popular way to do the reliability updating for 
structures. 
  
Generally, there are three ways to solve the optimisation problems on decision making of the 
optimal maintenance or repair strategy: 

• Unconstrained optimisation problem:  
• Constrained optimisation problem 
• Combination of unconstrained and constrained optimisation problem 
 

Chapter 4 explains the maintenance approaches for concrete structures based on the general 
theory in Chapter 3. The fact that a lot of parameters show spatial variability (random fields) 
is not included in this chapter. 
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The deterioration of concrete includes the initiation period and propagation period. Various 
deterioration mechanisms for concrete structures are summarized. The most important 
mechanism caused by chloride-induced corrosion of the reinforcement is adopted in this 
thesis. For the initiation of rebar corrosion, Fick’s 2nd law of diffusion to the chloride ingress 
into concrete is applied. It is assumed the propagation period is mainly controlled by crack 
width of the concrete. The models of crack width come from the research work of the 
Duracrete project. 
 
If spatial variation of structural properties is not included, the specification of a random 
quantity generally needs to include: 
• distribution type; 
• parameters like mean value and standard deviation; 
• its fluctuation pattern in time. 
 
In addition to the summary of practical maintenance and inspection methods, one point that 
has been paid attention to is the target reliability. The prediction of the interventions is based 
on an acceptable probability of failure or acceptable reliability index. When the target value is 
exceeded, inspection or maintenance is necessary before that time.  
 
Four examples are illustrated to show the performance prediction, effects of inspection and 
maintenance for concrete structures with respect to the following aspects: 

• No inspection and no maintenance; 
• No inspection, with maintenance; 
• One inspection and one maintenance; 
• Design including inspection and maintenance. 

The corresponding target failure probability for a period of time is set to be a monotone 
increasing function over time in the examples of this chapter. 
 
Chapter 5 elaborates the main task of the Ph.D project by a hypothetical concrete bridge that 
shows an improved approach for maintenance and repair of concrete structures. The approach 
incorporates the characteristics of spatial variability of concrete deterioration on the basis of 
the commonly used probabilistic-based reliability analysis method.  
 
The specification of a random field needs to include: 

•  distribution type; 
•  parameters like mean value and standard deviation; 
•  its fluctuation pattern in time; 
•  its fluctuation pattern in space. 

Compared with chapter 4, the fluctuation pattern in space is necessary to be identified for a 
random field. The Gaussian field is assumed to describe a random field, which needs: 

• one value for the mean; 
• one value for the standard deviation; 
• a correlation function depending only on the distance of two points with two important 

parameters: a parameter indicating a common source of correlation for all elements and 
the fluctuation scale. 

 
To realise the spatial modelling of random variables, structural discretisation is important. 
First, a structure is divided into regions based on different criteria, for example based on 
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systematic spatial variation, vulnerability to damage, environmental condition, structure, 
loading or construction situation, etc. Each region is looked as an independent spatial random 
field. Second, the region discussed is discretised into small elements. It is assumed there is no 
random spatial variation within one element. The number of elements depends on the 
fluctuation scale of the random variable that if the distance between two neighbouring 
elements is less than half the fluctuation scale d, the correlation coefficient is approximately 
equal to 1. The application of more elements provides more accurate results but also requires 
more computer time. A 1-dimensional model or 2-dimensional model can be applied 
according to the size effect of the region. 
 
The Monte Carlo Method can perform the reliability analysis with respect to the occurrence of 
each possible failure mode. This is a simple way to do the calculation with the consideration 
of spatial variation. The important point is that the Monte-Carlo Method is carried out in the 
space of independent standard normal variables. Therefore, a transformation must be carried 
out for the correlated random variables due to the spatial variability. In addition to the 
probability of failure obtained from the calculation like other reliability methods, a big 
advantage is that the calculation can produce the proportion or percentage of the concrete 
surface area that fails with respect to the predetermined failure modes. These results can 
facilitate the planning of different repair strategies from practical points of view. 
 
Neglecting the spatial variability of structural properties in the reliability analysis may not be 
realistic, because: 
1) this chapter demonstrates the impact of different degrees of spatial variability: 

• The larger the correlation among the elements, the smaller the system probability of 
failure (the probability that at least one element has failed). The system probability of 
failure can vary from 25% to 100%. 

• The larger the correlation among the elements, the larger the rate of damage growth. 
• The larger the correlation among the elements, the larger the variation between the 

upper bound and the lower bound of the proportion of failed area in each year. The 
variation can change from 10% to 100%. 

2) this chapter also demonstrates the impact of spatial fluctuation parameters and the size 
effect of the elements discretisized: 

• The larger the fluctuation scale d, the larger the difference between the upper bound 
and lower bound values of the failed area. 

• The larger the fluctuation scale d, the later the time with the first failure.  
• The larger the fluctuation scale d, the larger the rate of damage growth. 
• The larger the common source of correlation ρ0, the larger the difference between the 

upper bound and lower bound values of the failed area. 
• The larger the common source of correlation ρ0, the later the time of the first failure. 
• The larger the common source of correlation ρ0, the larger the rate of damage growth. 
• The application of more elements provides more accurate results but also requires 

more computer time. 
• If the size of the element (width and length) is less than d/2, the results have relative big 

variation and not stable. The less the number of elements, the larger the variation of 
the results. 

 
The optimisation of a maintenance strategy with spatial variability is based on the constrained 
optimisation problem. The practical maintenance criterion on the basis of the percentage of 
failed area of a structure by visual inspection is applied as the constraint instead of the 
reliability constraint on the probability of failure. 
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In addition to the total maintenance costs, different maintenance strategies can be evaluated 
by a performance indicator. Both the total repair costs and the performance indicator need to 
be considered in practice for making decision of an optimal strategy. A “weight” formula is 
established in the thesis with respect to these two factors. According to the importance of 
these two factors, different weights can be given to them. The optimal strategy is the one with 
the smallest total weight. 
 
Chapter 6 demonstrates the approach developed in this thesis by three practical cases, which 
prove that this approach is feasible in practice.  
 
Case I: Bridge elements of the Eastern Scheldt Storm Surge Barrier in the Netherlands 
 
The predicted time-to-initiation of corrosion for the bridge elements of the Barrier is between 
14 and 34 years. If the time-dependent diffusion coefficient of chloride is applied, the 
predicted time-to-initiation of corrosion is between 6 and 74 years and the range is even 
larger. The range is so large because the right situation of spatial variation for the structure 
cannot be found. The case shows the great impact of spatial variability on the reliability 
results and it can be concluded that the result from a common reliability method is just the 
upper limit of the present results, where spatial variability is considered and full correlation 
between all the elements is assumed. The coincidence also supports the statement that the 
results obtained by the approach in this thesis are reasonable. 
 
A service lifetime prediction is carried out from the practical points of view that the lifetime 
ends when there is a given unacceptable surface area developed with damage. Three repair 
strategies have been arranged for the bridge elements and the optimal repair strategy is 
determined by the optimization method introduced in chapter 5. 
 
Case II: Concrete beams of Bridge Wilpsedijk and bridge Iordensweg in the Netherlands 
  
This case shows that the approach developed in this thesis cannot only predict the lifetime of 
the structure from a practical point of view, but also can discuss the whole deterioration 
processes during the whole period of time from initiation of corrosion, to cracking, to 
spalling, and to other more severe damage situations. The models in this approach have the 
flexibility to meet with the practical damage categorization by visual inspections. The 
accuracy of the definition of each damage category and the corresponding quantifications for 
the models are very important.  
 
The approach with consideration of spatial variability used in this case is feasible. The 
calculation results of the deterioration process are generally compatible with the inspection 
results. The results obtained by the application of a time-dependent diffusion coefficient of 
chloride are more realistic.  
 
Although spatial variability has great impact on the deterioration process of concrete 
structures, it may not influence the final conclusion for the decision of optimal maintenance 
strategy. It may have the same optimal maintenance strategy with the models that do not 
consider spatial variability. 
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If equal correlation is assumed for all the beam-heads, there will be some difference from the 
results given that correlation is a function of distance. This also proves the importance of 
finding the real correlation situation of the beam-heads from another point of view. 
 
In-time repair and delayed repair strategies are compared for this case. It shows that delayed 
repairs need to be performed immediately, if not there will be much higher repair costs next. 
And in this case, delayed repair is always more costly than in-time repair no matter what 
strategy is used. 
 
The analysis given in this case considers only corrosion of reinforcement as a cause of 
damage to concrete (cracking, spalling); however, corrosion of prestressing steel may cause 
much more serious results than that. For example, the prestressing tendons may lose tensile 
capacity, in extreme cases may cause brittle (sudden) structural failure; furthermore, cracking 
of concrete near supports (the beam-heads) may cause serious load bearing problems, which 
would have a severe impact on the serviceability and safety of the structure. For the sake of 
this example on spatial variability of concrete deterioration, these effects are neglected. 
 
Case III: Concrete deck of Port Tomakomai, Hokkaido in Japan 
 
Port A of Tomakomai that is located in the northern part of Japan is randomly selected for the 
deterioration prediction for the concrete deck using the spatial approach developed in this 
thesis (It is called “Spatial variability Model”). The “Spatial variability Model” is compared 
with the “Japanese Markov Model” in which a “Markov-chain” method is applied for the 
same port. And meanwhile, the calculation results are compared with the inspection results. 
 
Both the “Spatial variability Model” and the “Japanese Markov Model” can analyse the actual 
deterioration process for concrete structures with respect to the different damage degrees 
categorized manually by visual inspection results. The “Markov chain” method used in the 
“Japanese Markov Model” is a traditional way, which assumes that damage development is 
only dependent on the current damage degree. While the approach in the “Spatial variability 
Model” with the incorporation of spatial variability of concrete deterioration is a new 
approach to model the deterioration from a physical process point of view. It can provide 
practical information (damage situation of the port deck in each year which can be checked by 
visual inspection) to facilitate the repair or maintenance strategy for the structures. 
 
The calculation results by the “Spatial variability Model” have a relatively big difference with 
the inspection results, and the predicted deterioration rate is faster than the actual situation 
especially for the beams; while the results by the “Japanese Markov Model” meet relatively 
well with the inspection results because the transition probability was adjusted to agree well 
with the results. The main reasons why “Spatial variability Model” cannot meet well both 
slabs and beams at the same time could be: 

• some input parameters cannot be accurately determined due to the shortage of enough 
data such as the corrosion rate Vcorr;a in the propagation period;  

• although both beams and slabs locate in the same environment, the beams are 
deteriorating much slower than slabs due to some construction problems or other 
reasons that has not been found in practice, therefore it cannot be reflected in the 
“Spatial variability Model”; 

• the criteria for categorizing the different deterioration degrees manually by visual 
inspection results is an important factor for effective use of both the “Spatial 
variability Model” and the “Japanese Markov Model”. There may exist errors and 
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differences in giving the quantitative definitions for the same damage degrees for the 
two models; 

• there are differences between the results using the physical deterioration model 
(“Spatial variability Model”) and using the “Markov chain” Model (“Japanese Markov 
Model”). 

 
 

7.2 Conclusions 
 
The conclusions of the research are: 
1) The approach developed in the present research is a new tool, which is realistic by using 

an improved physical modelling of the spatial deterioration processes in terms of the 
structural characteristics and properties. The approach also adopts improved predictive 
models for efficient decision making of maintenance and repairs on structural 
performance.  

 
2) The approach is a feasible and successful supplement to the current probabilistic-based 

reliability analysis method. It is a good way to apply the theoretical models in practice, 
and the calculation results by the approach can be comparable with the inspections 
directly.  

 
3) From a practical perspective, the spatial variability of deterioration is a fact of life. From a 

theoretical perspective, prediction of the spatial variability presents a challenge. No 
standardization to a specific format has been used until now. For the scope of this research 
the availability of data about the actual variability are assumed to be present. Some 
practical investigations in the research are still far from being resolved. 

 
4) The deterioration models for concrete structures by the present studies in the world are 

still not very satisfying. There is a large amount of uncertainty that comes from inherent 
uncertain factors or from basic lack of knowledge. 

 
5) In general, the repair strategies put forward in this research can reflect the commonly used 

patch repair method in practice.  
 
6) The approach is worth of more research and development in the future. 
 

7.3 Recommendations 
 
The great importance of finding the right spatial variation of the parameters is shown in this 
thesis so as to evaluate the structural condition correctly. It is strongly recommend that more 
tests should be implemented specially in the future for finding the real spatial fluctuation 
parameters of the structures, e.g., the value of fluctuation scale d and common source of 
correlation coefficient ρ0.  
 
Structural discretisation in the thesis is realised under the assumption that all the spatial fields 
of the structure take the same spatial fluctuation parameters. This is not the truth in practice. 
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Future work is necessary to discuss the way of structural discretisation if different spatial 
fluctuation parameters are used for different spatial fields. 
 
The thesis uses the existing models for concrete deterioration, which are still under 
development. Especially the models for the propagation period are not very mature. There 
exists great room for further improvements for the models including the corresponding input 
data.  
 
The first step of the reliability analysis is to find a dominant deterioration mechanism for the 
structure. Actually in practice, other mechanisms accelerate the deterioration process of the 
structure. Therefore, deterioration is a combination effects by a lot of mechanisms.  How to 
take it into account is worth of more research. 
 
The criterion for quantification of the different deterioration degrees by visual inspection 
results is an important factor for the overall assessment of the actual state and future 
performance of concrete structures. However, in practice the quantification of the inspection 
results is highly subjective and therefore is not performed in a rational and systematic way. It 
is recommended to develop an assessment rule of these categorizations so as to give more 
accurate quantitative definitions and to match well with the physical models. 
 
The repair strategies put forward in this research have some differences with the real ones in 
practice. It is necessary to explore the possibilities to reduce the differences as much as 
possible.  
 
The thesis investigates the technical lifetime of concrete structures. To put things in 
perspective, it is also interesting to consider its functional or economic lifetime in the future. 
See for instance Vrijling (2000). 
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Notations and Symbols 
 
1. Roman letters 
 
A Area [mm2] 
a Concrete cover depth [mm] 
ab Binding capacity for CO2 [kgCO2/m3] 
As Area of steel bar [mm2] 
aV Coefficient relating to Vred and crack width [ mg/cm2] 
b Width [mm] 
bV Variation of the corrosion rate [mm/√year] 
c Concentration [%] 
C Cost [Euro] 
CACM Annual average repair cost 
CAI: Annual initial investment cost (pay for the bank) 
CAINS Annual inspection cost 
CAL Annual average life cycle cost 
cCl(t) Concentration of chloride at time t in depth a [%] 
cCl;cr Critical value of concentration of chloride [%] 
cCl;i Initial uniform chloride concentration in the concrete [%] 
cCl;s Concentration of chlorides at the concrete surface [%] 
CCM Corrective maintenance cost 
CD  Costs of direct measurements 
CFAIL Failure cost 
CI  Initial investment cost 
CINS Inspection cost 
Cp Present value of the cost; 
CPM  Preventive maintenance cost 
CR Repair cost 
cs Concentration of the passivator at the concrete surface [kgCO2/m3] 
CUSE  User cost  
Cu Unit cost 
D Diffusion coefficient 
d Fluctuation scale [m] 
dA Intervention value of the rebar before failure [mm] 
dc Corrosion depth of the rebar [mm] 
DCl Achieved chloride diffusion coefficient [m2/year] 
DCl;0 Reference coefficient of diffusion [m2/Year] 
Deff Effective diffusion coefficient at defined compaction, curing and environmental 

conditions [m2/Year] 
dF Failure value of the corrosion depth for the rebar [mm] 
E Expectation [-] 
F Concentrated force [N] 
f Distribution 
fco Basic concrete compression strength [MPa] 
ft,spl Tensile splitting strength of the concrete [MPa] 
G Limit state function 
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heff Beam effective height [mm] 
I Indicator  
Icorr Corrosion current in the wet periods [µA/cm2] 
kc  Parameter which considers the influence of execution on effective diffusion 

coefficient Deff  (e.g., influence of curing) [-] 
ke Parameter which considers the influence of environment on effective diffusion 

coefficient Deff  (e.g., realistic moisture history at the concrete surface during use) [-] 
kt  Parameter which considers the influence of test methods [-] 
l Length [m] 
L Likelihood function 
M Bending moment [KN.m] 
m,n,N Number [-] 
m0  Factor given by the corrosion rate versus resistivity [-] 
mx, my Number of elements [-] 
n' Hypothetical number of observations for µ' 
na Aging factor [-] 
nb Constant parameter which considers the influence of meso-climatic conditions [-] 
ni Inspection times [-] 
nr Repair times [-] 
PF Probability of failure 
Px Attack penetration e.g. loss of rebar diameter [mm] 
q Vector of distribution parameters (e.g, mean & std.dev.) 
r Interest rate or discount rate [-] 
R Resistance 
RCarb Effective carbonation resistance of concrete, taking binding into account, at defined 

compaction, curing and environmental conditions [kgCO2/m3/mm2/year] 
RI Inspection results 
s' Hypothetical sample value (estimation of prior standard deviation) 
S Random variable representing the corresponding load or action (effect) 
s Sample standard deviation 
s1 Regression parameters [mm] 
s2 Regression parameters [mm] 
s3 Regression parameters [mm/Mpa] 
Sum Total amount 
T Reference period [year] 
t Time [year] 
tage Concrete age at the loading time [year] 
tC Time in years when coating is done [year] 

Fi∏    The factors influencing the local corrosion rate [-] 
tp Time since initiation of rebar corrosion [year] 
TR Replacement interval [year] 
U Normalizing constant 
u Standard normal variable with µ = 0 and σ = 1 
Vcorr Corrosion rate [mm/year] 
Vcorr;a Mean corrosion rate when corrosion is active [mm/year] 
Vred Volume reduction due to corrosion 
w Crack width [mm] 
w0 Initial crack width formed by rebar corrosion [mm] 
WC  Weight of the cost 
Wp Weight of the performance indicator 
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Wt Wetness period, i.e. the fraction of the year that corrosion is active [-] 
WT,i Total weight for strategy i 
x Loss of bar radius [mm] 
Y1 Lognormal variable, representing additional variations due to the special placing, 

curing and hardening conditions of in situ concrete [-] 
Y2 Lognormal variable representing variations due to factors not well accounted for by 

concrete compressive strength (e.g., gravel type an size, chemical composition of 
cement and other ingredients, climatical conditions) [-] 

yc Carbonation front  [mm] 
Z Limit state margin 
 
2. Greek letters 
 
α Pitting factor [-] 
α1 Coefficient relating to the rate of corrosion and crack width (= 220 mg/cm3/y) 
γFe Density of rebar 
∆ Parameter, which gives the probability of detecting a very large defect [-] 
δ Parameter, which gives the probability of detecting a very small defect [-] 
∆tins Inspection interval [years] 
∆x Distance between two points (sections) [m] 
θ Resistivity [Ω·m] 
λ Factor taking into account systematic variation of in situ compressive strength and 

strength of standard tests [-] 
µ Mean value of a random variable 
µ1' Hypothetical sample average (estimation of prior mean) 
µ1 Sample mean 
ν' Hypothetical number of degrees of freedom for s' 
π(t) Conditional failure rate, e.g., the probability of failure per unit of time given that no 

failure has occurred yet 
ρ Parameter indicating the correlation for any pair of points in space [-] 
ρ0 a common source of correlation coefficient for all the elements [-] 
σ Standard deviation of a random variable 
τ Defect size [-] 
φ  Bar diameter [mm] 
ω Parameter that controls the propagation [-] 
Ω  Transformation matrix 
β  Reliability index, 1(1 )FPβ −= Φ −  
Φ Standard normal distribution function  
ζ  A parameter depending on the inspection effectiveness and the inspection method [-] 
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Appendix A Definition of Keywords 
 
Inspection (JCSS 2000) 
Inspection is defined as an investigation intended to update the knowledge about the present 
condition of the structure. Regular inspection is performed periodically and special inspection 
is carried out when necessary. 
Two types of inspection can be in general distinguished:  

Qualitative inspection: this type of information is related to the observation of parameters 
such as surface characteristics, visible deformations, cracks, spalling, corrosion etc.  
Quantitative inspection: this type of information results in a set of values of parameters that 
characterize the condition of the structural elements, such as crack widths, corrosion area, 
displacement, deformation, etc. 
 
Repair (fib report 2002) 
Generally, it is the action taken to reinstate to an acceptable level for the current functionality 
of a structure or its components which are either defective, deteriorated, degraded or damaged 
in some way and without restriction upon the materials or methods employed. The action may 
not be intended to bring the structure or its components so treated back to its original level of 
functionality or durability. The work may sometimes be intended simply to reduce the rate of 
deterioration or degradation, without significantly enhancing the current level of functionality. 
 
Bridge management system (Woodward 2001) 
A tool for assisting highway and bridge agencies in their choice of optimum improvements to 
the bridge network that are consistent with the agency’s policies, long-term objectives, and 
budgetary constrains. 
 
Service life (Duracrete 2000-2 and fib report 2002) 
The period of time for which a structure is expected to be able to fulfil its requirements with 
sufficient reliability with or without periodic inspection and maintenance and without 
expected high costs for maintenance and repair. Service life can be divided into:  

- Required service life 
- Design service life 
- Technical service life 
- Functional service life 
- Economical service life 

 
End of service life (fib report 2002) 
The end of service life could be taken as: 

- the point at which corrosion is initiated 
- the first appearance of cracking (visible with magnification) 
- cracking visible to the naked eye 
- first spalling 
- excessive deflection 
- collapse under the design loading 

 
Deterioration: (Duracrete 2000-1) 
A process that adversely affects the performance over time due to 

- naturally occurring chemical, physical or biological process 
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- normal, extreme or accidental actions 
- normal or severe environmental conditions 
- wear due to use 
- improper use or maintenance 

 
The initiation period of deterioration in concrete (Duracrete 1998) 
It is the period during which changes in the environment within the concrete continue to take 
place, usually as a result of interaction with the exposure environment, until, eventually, a 
limit is reached when damage begins to propagate. 
 
The propagation period of deterioration in concrete (Duracrete 1998) 
It begins at the moment a certain defined event occurs (e.g. abrupt increase in corrosion 
current, appearance of first crack, a certain level of loss of strength, etc.) until a specified limit 
state is reached. 
 
Corrosion rate (Duracrete 1998) 
It is defined as the rate at which the bar is loosing its section, generating oxides, etc. It can be 
specified by the current density Icorr, with units of [µA/cm2], or in terms of the loss of bar 
section per year [mm/year] in which case it is denoted as Vcorr. And corrcorr VI =⋅ 0116.0 . 
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Appendix B Bayesian updating for normally distributed 
variables  
 
The Bayesian updating for normally distributed variables can be generally described as 
follows (JCSS 1996, International Standard 1998). Given the prior distribution and the 
statistical test data, a posterior distribution can be derived from: 
 

                                    ( ) ( ) ( )f q U L data q f q′′ ′= ⋅                                      (B.1)                        
 
where: 
 f''  posterior distribution of q 
 f'  prior distribution of q 
 L(data|q) likelihood function 
 q  vector of distribution parameters (e.g. mean and std. dev.) 
 U  normalizing constant 
 
Let the prior distribution be given by: 
 

       ( { } 1) 2 2
12

1( , ) exp{ [ ( ) ( )] }
2

nf k s nν δµ σ σ ν µ µ
σ

′ ′− + + ′′ ′ ′ ′= − + −                     (B.2) 

where: 
 δ(n') = 0 for n' = 0 
 δ(n') = 1 for n' > 0 
 s' and ν' characterize the prior information (mean and coefficient of variation) about 
the standard deviation (σ) . The expectation and the coefficient of variation of the standard 
deviation σ' can asymptotically (for large ν') be expressed as: 
 

                                                    ( )E sσ ′ ′=       (B.3)         
1( )
2 '

V σ
ν

′ =                                    (B.4) 

The prior information on the mean (µ') is characterized by 1µ ', n' and s': 
 

                                                 1( )E µ µ ′′ =        (B.5)   

1

( )
'

sV
n

µ
µ

′
′ =

′
                                           (B.6) 

It is also possible to interpret the prior information as the result of hypothetical prior test 
series: 
 s' hypothetical sample value (estimation of prior standard deviation) 
 ν' hypothetical number of degrees of freedom for s' 
 1µ ' hypothetical sample average (estimation of prior mean) 
 n' hypothetical number of observations for 1µ ' 
In other words, 1µ ' and s' represent the best estimates for the mean and standard deviation. 
Through the choice of n' and ν', the uncertainty with respect to the estimates can be expressed.  
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Also note for a test, normally ν = n-1, but that the prior parameters n' and ν' may be chosen 
independently from each other. 
Notes 

a. If very little information is available, n' and ν' should be chosen equal to zero. If 
past experience leads to an almost deterministic knowledge about the mean and 
standard deviation, n' and ν' could be given relatively higher values, for instance 
50, corresponding to V(σ) = 0.10 or V(µ') = 0.14 s'/ 1µ '. 

b. In many cases it seems reasonable to assume that there is very little or no prior 
information on the mean (so n' = 0), but the it is possible to obtain a fairly good 
estimate of σ'. As an example, let the coefficient of variation of σ be in the order of 
30%, which according to equation (B.4) corresponds to ν' = 5. Such a model may 
be based on the result of many previous test samples, showing considerable 
variability in the mean but significantly less in the standard deviation. 

 
The posterior updating formulas: 
 

                                                nnn +′=′′                                        (B.7)     
      

                                              )(n′++′=′′ δννν                                       (B.8)   
        

                                             1 1 1n n nµ µ µ′′ ′′′ ′= +                                          (B.9)   
        

                             2 2 2 2 2 2
1 1 1( ) ( ) ( ) ( )s n s n s nν µ ν µ ν µ′′ ′′′ ′′ ′′ ′ ′ ′+ = + + +       (B.10)          

 
 where:  n number of samples, ν = n-1 

1µ  sample mean 
s sample standard deviation 

 
In the “Example III” of Chapter 4, the posterior mean and standard deviation of the two 
variables: Concentration of chlorides at the concrete surface (cCl;s) and chloride diffusion 
coefficient (DClt), should be calculated given the prior and test information in Table 4-6 and 4-
7. It is assumed that V(σ’) of cCl;s and DClt  is 30%. The posterior mean and standard deviation 
can be derived from (B.11 and B.12): 
 

1 1
1

n n
n

µ µµ
′′ +′′ =

′′
     (B.11) 

 
2 2 2 2 2

1 1 1( ) ( ) ( )s n s n ns ν µ ν µ µ
ν

′ ′′′ ′ ′ ′′+ + + −′′ =
′′

   (B.12) 

 
Final results see the following table: 
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Table B-1 Prior data and posterior results of the concrete surface (cCl;s ) and chloride diffusion coefficient (DClt), 

State Parameters 
Variable 

1µ ' s' n' ν’=1/(2V2(σ’)) 

cCl;s 1.7% 0.425% 5 5 

 
Prior 

DClt 6.201e-5 m2/year 9.87e-6 m2/year 5 5 
Variable 

1µ  s n ν = n-1 

cCl;s 1.67% 0.582% 6 5 

 
Sample data 

DClt 6.65e-5 m2/year 3.332e-6 m2/year 6 5 
Variable 

1µ '' s'' n''= n''+n ν''= ν'+ ν+ δ(n') 
cCl;s 1.683% 0.486% 11 11 

 
Posterior 

DClt 6.447e-5 m2/year 7.367e-6 m2/year 11 11 
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Appendix C Transformation of the correlated normal 
random variables 
The Monte-Carlo Method is carried out in the space of independent standard normal 
variables. Therefore, a transformation must be carried out to the correlated normal random 
variables Xi (i=1…n) due to spatial variability (Thoft-Christensen 1986). The correlation 
coefficient ρij of any two correlated normal random variables Xi and Xj for two elements i and 
j can be calculated by inputting the distance between relevant two elements into the 
correlation function. In order to incorporate various correlations in one model, a matrix 
calculation will be used.  

))(exp()1()( 2
00 d

xx ∆
−−+=∆ ρρρ                                                         (C.1) 

 
where: ρ0 parameter indicating a common source of correlation for all elements, 
 ∆x distance between two points (sections) [m] 
 d fluctuation scale [m] 
 
1-dimension: correlation matrix for the correlated variables is: 
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The correlated variables Xi (i = 1…n = 200) can be written as a linear combination of standard 
normal independent variables Ui, (i = 1…n = 200) by the triangular transformation matrix Ω : 
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2-dimention: correlation matrixes in x and y direction are shown separately below: 
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The correlated variables Xij (i = 1…n, j = 1…m) is written as a linear combination of standard 
normal independent variables Ui, Vi (i = 1…n/m) by the triangular transformation matrix Ω : 
(it is tenable when ρ0 = 0. If ρ0 ≠ 0, the following equation is approximately tenable.) 
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We can find the relationship between matrix Ω  and correlation coefficients ρij obtained by 
equation (C.1), it is also called Choleski’s decomposition (Strurel 1999).  
ρij = E[XiXj], Var[Xi] = 1, let Ω 11 = 1, then: 
 

11 11 1ρΩ = =         (C.6) 
 

1 1 (  2 )i i for i nρΩ = ≤ ≤       (C.7) 
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0 (  )ij for j iΩ = >      (C.10) 

 
Therefore the transformation matrix Ω  for correlated random variables is found. 
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Appendix D Analysis of Spatial Fluctuation of Chloride 
Profiles in Practice 
 
The data of the chloride profiles in the following two practical cases is selected to do the 
analysis of spatial variability so as to show the fluctuation scale of the related variables in 
practice. The correlation between different points (ρ∆x) for each variable is calculated by 
equation (5.1) in Chapter 5, which is only a function of distance between two points. For 
simplicity, the common source of correlation (ρ0) between any two points is set to be zero in 
this study.  
 
The selection criterion for the data in the scope of this study is: “1) the samples are distributed 
in one area of an object with the same environment; 2) the distance between the neighbouring 
samples is better in the range of 0.5 m ~ 20 m; 3) It is necessary that there are more than 10 
samples so as to get more accurate results”. 
 
Case I: Eastern Scheldt Storm Surge Barrier in the Netherlands 
 
1. Introduction  
 
Although a lot of chloride profiles (80 cores) have been tested for this important Eastern 
Scheldt Storm Surge Barrier in 2002, for the sake of this study on spatial variability of 
concrete degradation, the available data are rather limited (Table D- 1). The alphanumerical 
code in the table for a bridge element which is used for the samples as well is as follows: A#; 
A is H (Hammen), R (Roompot) or S (Schaar); the # is the sequential numbering for the 
bridge element from South to North. An example is shown in Fig.D- 1 for all the cores in the 
part of Hammen (TNO report (2002-CI-R2118-3), while only 11 cores in the bridge elements 
of H8, H9, H11 and H14 are used. 

Fig.D- 1 Location and number of the chloride test cores at the bridge element of Hammer part  

(The number in the brackets means the number of samples of this element) 

Northse
a Oosterschelde

H 0 – (4) H 0 – (2)

H 3 – (2)

H 6 – (2)H 6 – (2)

H 8 – (6)
H 9 – (1)

H 11 – (2)H 11 – (2)

H 14 – (2)

H 16 – (6)H 16 – (4)
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Table D- 1 Available core samples of chloride profile for analysis of spatial variability on bridge elements  

  Code 
number 

Number of cores in 
North sea side 

Number of cores in 
Eastern Scheldt 
side 

Position Concrete 

H14 2  Gravel 
H11 2  Gravel 

 
Group 1 

H 9 1  

Fig. D-5 

Gravel 
Group 2 H8  6 Fig. D-2 Gravel 

S13 2  Gravel 
S11 2  Gravel 

 
Group 3 

S 9 2  

 
Fig. D-6 

Gravel 
 
 
2. Spatial variability of chloride properties in the concrete 
This section analyses the spatial variation of chloride properties in the concrete, e.g. surface 
chloride content and diffusion coefficient. The main purpose of this study is to find the 
fluctuation scale of these variables from a practical point of view.  
 
The variables, surface chloride content cCls and diffusion coefficient DCl, are important factors 
to determine concrete deterioration caused by chloride ingress. These two variables show the 
random characteristic of spatial fluctuation in most of the cases due to environmental 
affection and concrete material variations. 
    
To calculate the fluctuation scales of these two variables, first we look at the samples of group 
2 in Table D- 1. The position of the cores is shown in Fig.D- 2: The sample values for these 
two variables are shown in the last two columns of Table D- 2, which are the results by 
curving fitting in TNO report (2002-CI-R2118-1A).  
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Fig.D- 2 Six sample cores of Bridge element H8 (eastern scheldt side, unit in mm) 

 

Table D- 2 Observations of Bridge element H8 eastern scheldt side, gravel concrete 

 Test results of chloride content 
(xi % by mass of cement) 

cCl;s 
(%) 

DCl 
(10-12 m2/s) 

core no./ 
depth(mm) 0-10 10-20 20-30 30-40 40-50 50-60 

(by curve 
fitting) 

(by curve 
fitting) 

H8-1 1.94 2.65 1.66 0.28 0.08 0.08 5.78 0.38 
H8-2 1.79 2.59 1.74 0.43 0.08 0.06 5.4 0.43 
H8-3 1.35 1.48 0.79 0.18 0.06 0.05 3.34 0.35 
H8-4 1.55 2.46 0.76 0.13 0.08 0.06 7.75 0.20 
H8-5 1.6 1.33 0.39 0.04 0.04 0.03 4.45 0.18 
H8-6 1.46 1.38 0.33 0.08 0.06 0.06 5.09 0.16 
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The fluctuation scale d for these two variables cCl;s and DCl is found by using the maximum 
likelihood method as described below:  
 

1) For each variable cCl;s or DCl, there are 6 observations xi (i=1,...6);  
2) Find the mean (µ) and standard deviation (σ) of the 6 observations; 
3) Normalize the 6 observations: ui = (xi- µ)/ σ; 
4) Estimate a value for the fluctuation scale d; 
5) Calculate the correlation matrix ρij for every pair (ui, uj) of the 6 observations by 

measuring the real distance between each core; 
6) Transform the dependent u-values into independent v-values by transformation matrix 

Ω , which is the same as introduced in Appendix C (k is the number of observations):  
 

1 11 1

2 21 22 2

1 2

0 . . . 0
.

. . . . .

. . . . .

. . . . .
. . .k k k kk k

u v
u v

u v

Ω     
     Ω Ω     
     

=     
     
     
     

Ω Ω Ω          

 

 
Then: 
 
 11 uv = ; 
 

 
21 21

1122
2 ρ

ρ
−

−
=

uu
v ; 

 
 … etc. 

7) Let Likelihood function { }










 ∑

−







=−∏=

2
exp

2
1)2/)(exp

2
1(

2
2 i

k

i
v

vL
ππ

; 

8) Let 21 ivL ∑= , find the d for L is maximal, that is to say L1 is minimal. 
 
To do some comparison of chloride content at different depths we calculate a separate 
fluctuation scale d (Table D- 3) by the 8 steps above (core depths of 0-10 mm, 40-50 mm and 
50-60 mm are neglected because the errors are big for testing the samples).  The likelihood 
values “L1” for different fluctuation scales are illustrated in Fig.D- 3 and Fig.D- 4. 
 

Table D- 3 Calculation results of the fluctuation scale for different parameters in Bridge element H8 

Chloride content at depth of:  
10-20 
mm 

20-30 
mm 

30-40 
mm 

cCl;s  
(%) 

DCl  
(10-12 m2/s) 

Fluctuation 
scale d (mm) 220 450 350 100 400 
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Fig.D- 3 The likelihood values versus fluctuation scale for variable cCl;s and DCl 

 

 
Fig.D- 4 The likelihood values versus fluctuation scale for chloride content at core depth of  

10-20 mm, 20-30 mm, 30-40 mm 

 
From Table D- 3, it can be seen that the chloride profiles in a small area of 1.5 m * 0.5 m (the 
size of the sample area in Fig.D- 2) have low correlation and the fluctuation scale varies 
between 100 and 500 mm, but what about the chloride profiles in long distance? If taken the 
examples of group 1 and 3 in Table D- 1 for comparison, the positions of the cores are shown 
in Fig.D- 5 and Fig.D- 6, and the observations of the cores are shown in Table D- 4 and Table 
D-5. The corresponding chloride contents at each depth in Fig.D- 7 and Fig.D- 10  show big 
variation. For the samples taken along the Hammen part, some variation of the environmental 
exposure due to the variation of the slide-door height was tentatively viewed as a possible 
explanation (Polder, et al 2003).   
 
By using the same maximum likelihood method, the calculated fluctuation scales for the 
chloride profiles in H9, H11 and H14 are shown in Fig.D- 8, Fig.D- 9, Table D- 4 and Table 
D-5 (results of “the fluctuation scale” for the chloride profiles in S3, S11 and S14 are very 
similar to these, therefore the detailed figures for Schaar part are neglected), in most cases a 
fluctuation scale d = 0 - 100 m can be found. This implies that due to the limited amount of 
data, exact value for the fluctuation scale could not be obtained. 
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H9-N-1 H11-N-1 H11-N-2 H14-N-1 H14-N-2  
Fig.D- 5 Five cores in Hammen part H9, H11, H14 (north sea side, gravel concrete, unit in mm) 

 

360000 500 90000 500

S3-1 S3-2 S11-1 S11-2 S14-1 S14-2

500

 
Fig.D- 6 Six cores in Schaar part S3, S11, S14 (north sea side, gravel concrete, unit in mm) 

 
Table D- 4 Observations and calculated fluctuation scale for Bridge element H9, H11, H14  

 Chloride content (% by mass of cement) 

Core no.\ Depth (mm) 10-18 18-26 26-34 34-42 
cCl;s 
(%) 

DCl 
 (10-12 m2/s) 

H9-N-1 1.54 0.85 0.23 0.07 3.77 0.26 
H11-N-1 3.09 2.25 1.34 0.49 5.57 0.54 
H14-N-1 2.94 1.96 0.73 0.18 6.3 0.35 
Fluctuation scale d 
(m) 0-50 0-50 0-50 

 
0-50 

 
0-50 0-50 

H9-N-1 1.54 0.85 0.23 0.07 3.77 0.26 
H11-N-2 2.14 1.39 0.38 0.11 4.88 0.3 
H14-N-2 1.72 0.86 0.22 0.06 4.49 0.23 
Fluctuation scale d 
(m) 0 -100 0 -50 0 -70 

 
0 -80 
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Fig.D- 7 Chloride content of five cores at each depth in Hammer part H9, H11, H14 
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Fig.D- 8 The likelihood values versus fluctuation scale for different core depth (H9H11H14) 

 
 

Fig.D- 9 The likelihood values versus fluctuation scale for variable cCl;s and DCl (H9H11H14) 

 
Table D- 5 Observations and calculated fluctuation scale for different parameters of Bridge element S3, S11, S14 

North Sea side, gravel concrete 

 Chloride content (% by mass of cement) 

Core no.\ Depth (mm) 10-18 18-26 26-34 34-42 
cCl;s 
(%) 

DCl 

 (10-12 m2/s) 
S3-1 2.53 2.31 1.12 0.52 4.52 0.64 
S11-1 1.31 0.71 0.26 0.09 3.07 0.28 
S13 -1 3.19 2.93 1.91 0.65 - - 
d (m) 0-50 0-50 0-50 0-50 - - 
S3-2 2.19 1.61 0.56 0.21 4.53 0.39 
S11-2 3.19 2.93 1.91 0.65 2.16 0.31 
S13 -2 2.87 1.41 0.58 0.22 6.8 0.27 
d (m) 0-50 0-50 0-50 0-50 0-45 115 
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Fig.D- 10 Chloride content of six cores at each depth in Schaar part S3, S11, S14 
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3. Conclusion 
By analysis of spatial variability of the available chloride profiles in the Eastern Scheldt 
Storm Surge Barrier, it proves that the surface chloride concentration and diffusion coefficient 
are spatial variable, but the fluctuation scale of these two variables can only be roughly 
estimated from 0.4 mm to 50 m due to the limited data. More samples are necessary to 
calibrate the values. To make an accurate prediction of the deterioration process for the bridge 
elements of this barrier, we recommend in the next measurement of chloride profiles, more 
cores (e.g. at least 3 groups of samples and each group has ≥  10 cores) are drilled along the 
length direction for the same bridge element. The distance between every two neighbouring 
cores is better between 0.5 m to 10 m. 
 
 
Case II: The “Vlake” Tunnel under the canal of South-Beveland in the Netherlands 
 
The “Vlake” Tunnel under the canal of South-Beveland in the Netherlands consists of an open 
part and a closed part. The total length is 773 m. The tunnel was built 6 years ago when the 
chloride inspection was performed. There are 12 cores with the diameter of 50 mm that were 
taken from the tunnel road and tested for concrete chloride content along the length direction. 
The location of the cores is shown in Fig. D-9 and the corresponding chloride profiles are 
shown in Table D-6 (Inspectierapport 1999). Because the chloride contents are tested only at 
three depths (0-10 mm, 10-30 mm and 30-50 mm), it is not very meaningful to get the values 
of chloride diffusion coefficient and surface chloride content by using Fick’s law and curve 
fitting. While this is a relatively good example to show the spatial fluctuation of chloride 
profiles that the data tested almost satisfy the data selection criterion for the purpose of this 
study. 
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Fig.D- 11 Twelve sample cores on the Vlake Tunnel road (unit in m) (Inspectierapport 1999) 
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Table D- 6 Observations of 12 chloride profiles for the Vlake Tunnel 

 Test results of chloride content
(xi % by mass of cement) 

Core no./ 
depth(mm) 0-10 10-30 30-50 

1 0.08 0.09 0.08 
2 0.13 0.19 0.10 
3 0.11 0.11 0.06 
4 0.30 0.20 0.08 
5 0.69 0.47 0.24 
6 0.88 0.86 0.19 
7 0.40 0.65 0.18 
8 1.68 0.32 0.10 
9 0.08 0.12 0.07 

10 0.13 0.13 0.06 
11 0.32 0.23 0.11 
12 0.12 0.12 0.10 

 
 
By using the same method in case I, the fluctuation scales for the chloride content at depth of 
0 - 10 mm, 10 - 30 mm and 30 - 50 mm are shown in the following figure. 

Fig.D- 12 The likelihood values versus fluctuation scale for chloride content at different depth 

 
From Fig.D- 12, we find the fluctuation scales for the chloride content at the depth of 0 - 10 
mm, 10 - 30 mm and 30 - 50 mm in Table D- 7. The fluctuation scale of the surface chloride 
content may be around 2 m.  
 

Table D- 7 Calculation results of the fluctuation scale for chloride content in different depth 

Concrete 
depth (mm) 0-10 10-30 30-50 
Fluctuation 
scale d (m) 2 1.4 1.25 
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Appendix E Relationship Between Crack Width and Attack 
Penetration 
 
The propagation period of concrete deterioration is mainly determined by the crack width of 
the concrete, which can be established by the so-called attack penetration function that 
represents the loss of rebar diameter at time t (Duracrete, 2000): 

 
 ( )x corrP t V tα= ⋅ ⋅   (E.1)  
 
where: Px(t) attack penetration at time t [mm] 
 α pitting factor that takes non-uniform corrosion of the rebars into account 
 Vcorr corrosion rate [mm/year] (definition see Attachment A) 
 t time (year) 
 
There are the following three possibilities of establishing Vcorr.  
 

• In the lack of better information, the corrosion rate can be assumed to be constant in 
some exposure classes: ,corr corr a tV V W= ⋅ , in which Vcorr,a is the mean corrosion rate when 
corrosion is active and Wt is the wetness period, i.e. the fraction of the year that corrosion is 
active. This method is used in this thesis due to the lack of better information. 
 

• To estimate the mean corrosion rate from direct measurements of the current density 
Icorr (in specimens for new structures or on-site for existing ones): 11.6corr corr tV I k= ⋅ ⋅ , in 
which kt is the factor for considering differences due to testing techniques and the value 
obtained from measurements, Icorr,mean, corresponds with the mean value of Icorr; it takes into 
account both the periods of active corrosion and the period of no corrosion. 
 

• To use empirical expressions based on a variable governing the process: 
0

corr i
mV F
ρ

= ⋅∏ , in which m0 is a factor given by the corrosion rate versus resistivity, ρ is the 

resistivity and the factors in iF∏  are the ones influencing the local corrosion rate. This 
approach has several attractions. In particular, it provides a means for quantitatively 
predicting corrosion rates on the basis of a scientific understanding of the processes involved. 
Unfortunately, there is at present not enough data to quantify the various parameters of the 
model and their interaction. 
 
The following relationship between crack width and attack penetration due to corrosion 
(Duracrete 2000) is used: 
 
 0( ) 0.05 ( ( ) )x xw t P t Pω= + −  (E.2) 
 
Where: w(t) crack width at time t [mm]   

ω the parameter that controls the propagation [-] 
Px0 the attack penetration which produces a 0.05 mm crack width [mm] 
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From the experimental work carried out by Institute E. Torroja and Geocisa in the past 
Brite/Euram project BE 92-4062, the following linear relationship was proposed for Px0: 
 

0 1 2 3 ,/x t splP s s a s fφ= + ⋅ + ⋅     (E.3) 
 
where: s1 regression parameter [mm] 

s2 regression parameter [mm] 
s3 regression parameter [mm/MPa] 
a concrete depth [mm] 

 φ  bar diameter [mm] 
ft,spl the tensile splitting strength of the concrete [MPa] 
 

As we choose the first method to establish Vcorr, the final expression for the crack width at 
time t can be written: 
 

, 1 2 3 ,( ) 0.05 [ ( / )]corr a t t splw t V W t s s a s fω α φ= + ⋅ ⋅ ⋅ ⋅ − + ⋅ + ⋅   (E.4) 
 

If the information of the tensile splitting strength of concrete is not available, it can be 
calculated by the basic concrete compression strength of standard test specimens from the 
following steps: 
 

2/3
, c 20.3 (f ) Yt splf = ⋅ ⋅       (E.5) 

 
co 1( , ) (f ) Ycf t λτ= Χ ⋅ ⋅       (E.6) 

 
where: fc In-situ compressive strength [Mpa] 
 fco the basic concrete compression strength of standard test specimens [Mpa] 

Y1 lognormal variable, representing additional variations due to the special 
placing, curing and hardening conditions of in situ concrete  

Y2 lognormal variable representing variations due to factors not well accounted 
for by concrete compressive strength (e.g., gravel type an size, chemical 
composition of cement and other ingredients, climatical conditions) 

( , )t τΧ a deterministic function which takes into account the concrete age at the 
loading time t and the duration of loading τ: 

 
( , ) 0.48 0.096 ln(t)t τΧ ≈ + ⋅      (E.7) 

 
Therefore:  
 

2/3 2 /3 2/3
, co 1 20.3 (0.48 0.096 ln(t)) (f ) (Y ) Yt splf λ= ⋅ + ⋅ ⋅ ⋅ ⋅    (E.8) 
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Appendix F: Surface chloride content and diffusion 
coefficient for bridge Wilpsedijk and Iordensweg 
 
Determination of the surface chloride content and the diffusion coefficient for bridge 33E109 
Wilpsedijk is based on very limited chloride profiles available from the similar bridge 33E-
108 Iordensweg with the same type and age (the Laboratory report in the Hoofdrapportage 
2002 by “Dansk Beton Teknik A/S”), and the dust sample test results for both bridges.  
 

1. CHLORIDE PROFILES 

Five detailed chloride profiles and the corresponding fitted curves are shown in Table F-1 and 
figure F-1. The fitted mean and standard deviation for CCls and DCl are shown in Table F-2. 
 

Table F-1Chloride ion content (%, by weight of concrete) measured in surface parallel slices of a thickness of 
7mm (The Laboratory report in the Hoofdrapportage 2002 by “Dansk Beton Teknik A/S”) 

Mean depth(m) B-01N (%) B-01E (%) B-02N (%) B-02S (%) B-03S (%) 
0.005 0.07 0.047 0.019 0.186 0.013 
0.015 0.068 0.032 0.069 0.148 0.006 
0.025 0.06 0.035 0.072 0.114 0.004 
0.035 0.041 0.027 0.046 0.114 0.002 
0.045 0.012 0.02 0.041 0.08 0.004 
0.055 0.009 0.013 0.029 0.08 0.004 
0.065 0.004 0.008 0.019 0.043 0.003 
0.075 0.001 0.005 0.002 0.019 0.004 

            Chloride profile for core B-01N         Chloride profile for core B-01E 

             Chloride profile for core B-02N         Chloride profile for core B-02S 
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Chloride profile for core B-03S  
 

Figure F-1. Chloride profiles and fitted curves for bridge 33E-108 Iordensweg (Cl- by weight of concrete) 
 

Table F-2 Fitted CCls and DCl for each core at the age of 33 years 

Final results 
 B-01N B-01E B-02N B-02S B-03S Mean Std. 

DCl (m2/year) 1.21E-05 2.99E-05 2.87E-05 3.89E-05 3.75E-05 2.74E-05 1.12E-05 
CCls (% by 
concrete) 0.17 0.063 0.13 0.20 0.010 0.139 0.0586 
CCls (% by 
cement) 1.1 0.4 0.8 1.3 0.06 0.89 0.374 

Note:   
• The beams were cast in the 1960’s with 360 kg/m3 of Portland cement classification B.  
• The results of core B-03S, which is very small compared with other 4 cores, is deleted for the final 

calculation of the mean and standard deviation of DCl and CCls. 
• 2.74E-05 m2/year is equal to 0.87e-12 m2/s or 27.4 mm2/year. 
 
 

2. DUST SAMPLE TESTS 

 
Table F-3 and F-4 show the dust sample test results of chloride content (in weight of cement) 
for bridge 33E109 Wilpsedijk and 33E-108 Iordensweg (Rapportage Schade Liggerkoppen 
DAS Apeldoorn 2002). This method is not very trust worthy and the amount of samples is too 
small to calculate DCl and CCls. 
 

Table F-3 The chloride content (in weight of cement) at the depth of 15-25 mm and 25-35 mm by test of dust 
samples for bridge 33E109 Wilpsedijk 

Span 
No. 

Support 
No. 

Beam 
No. 

Damage  
category 

Location Depth Chloride 
content (in 
cement) 

Note 

1 1 35 2 15-25 mm 0,0 %   
    

Bottom of 
the beam 25-35 mm 0,0 %   

1 2 3 5 15-25 mm 0,8 %  
    

Bottom of 
the beam 25-35 mm 0,6 %  

Too small 
cover depth 
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Table F-4 The chloride content (in weight of cement) at the depth of 15-25 mm and 25-35 mm by test of dust 
samples for bridge 33E-108 Iordensweg 

Span 
No. 

Support 
No. 

Beam 
No. 

Damage  
category 

Location Depth Chloride content 
(in cement) 

1 2 1 4 Side of the beam 15-25 mm 0,7 %  
     25-35 mm 0,8 %  
1 2 3 5 15-25 mm 0,1%  
    

Bottom of the beam, 8 m 
away from the beam heads, 
in the part without damage  

25-35 mm 0,1%  

1 2 3 5 15-25 mm 0,2%  
    

Bottom of the beam, 0,4 m 
away from the beam heads 25-35 mm 0,1%  

1 2 67 0 Side of the beam 15-25 mm 0,0 %  
     25-35 mm 0,1 %  

 

3. SUMMARY 

     
By combining the results for chloride content from core samples and dust samples, the values 
in Table F-5 are chosen for calculation and analysis.  
 

Table F-5 Final results for CCls and DCl 

 Mean Std. 
DCl (m2/year) 2.7E-05 1.1E-05 

CCls (% in 
cement) 0.89 0.38 

 



Appendices  175 

 

Appendix G: Monte-Carlo Simulation Method (MCS) 
 
Monte-Carlo Simulation Method (MCS) is one of the popularly used structural reliability 
methods. The basic MCS (Karadeniz & Vrouwenvelder 2003, Bjerager 1991), used in the 
thesis, is introduced next. 
 
Let the failure probability with respect to a single failure mode be written as: 
 
                                               

( ) 0

( )F X
G X

P f x dx
≤

= ∫                                       (G.1)   

 
Where:G(x) limit state function; 
            X vector of basic random variables. 
 
The direct calculations of the failure probability from the integration, given by equation (G.1), 
are called as Level III method. The well-known methods of the Level III are: 
 
- Analytical Integration (AI) 
- Numerical Integration (NI) 
- Monte-Carlo Methods (MC) 
 
Calculations of the exact failure probability from equation (G.1) by using the analytical and 
numerical integrations suffer from their inefficiencies of being difficult and excessive time 
consuming characters so that they are not feasible in practice. These drawbacks are overcome 
by applying MCS technique, which is always applicable. The basic idea herein is that random 
values of the basic variables (vector X), which are based on their probability distributions, are 
sampled and the number of samples (Nf) falling into the failure domain is identified, i.e. Nf is 
the number of samples satisfying the condition of ( ) 0G x ≤ . Then PF is estimated as the 
average of the sample values:  
 

/F F FP N N P= ≈       (G.2) 
 
where N is the total number of samples. This estimator of the failure probability (G.2) can 
also be written as: 
 

1

1 [ ( )]
N

FP I G x
N

= ∑      (G.3) 

 
where I(.) is a failure domain identifier, which equals 1 in the failure domain and 0 in the safe 
domain, i.e., 
 

 
( ( )) 1 if ( ) 0
( ( )) 0 if ( ) 0

I G u G u
I G u G u

= ≤
= >

 (G.4) 

 
The sample mean converges to the true mean, PF, as the number of samples increases. An 
estimate of the standard deviation σ[PF] on the estimator is given by: 
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 2 (1 )[ ]  F F
F

P PP
N

σ −
=  (G.5) 

 
which is inversely proportional to N. This implies that the sample size N in the described 
MCS approach much be very large in order to obtain a sufficiently reliable estimate for PF. 
For a given target coefficient of variation of the failure probability V(PF), i.e. 

( )( )  F
F

F

PV P
P

σ
= , the minimum required number of samples N can be calculated from (G.5) 

as stated by: 

 2

1 1( 1)
( )F F

N
V P P

> −  (G.6) 

 
The MCS method has the following characteristics: 
Generality: The direct MCS is completely general, and applies to any distribution of the basic 
random variables, including discrete random variables. Furthermore, there is no restriction on 
the failure functions-only the sign of the failure function is used. 
Accuracy: For sample size N → ∞ , the estimated probability converges to the exact result.  
Efficiency: As a general rule, the CPU-time grows approximately linearly with 1/PF. As a rule 
of thumb, the necessary sample size to get a probability estimate with good confidence is 
around 100/PF. 
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Samenvatting 
 
Ten gevolge van het toenemend aantal verouderende en degenererende bouwconstructies 
wordt onderhoud in de meeste landen een steeds belangrijker en vaak ook ingewikkelder 
probleem. Op dit gebied zijn door de jaren al veel studies verricht. Het feit dat tal van de 
parameters een ruimtelijke spreiding bezitten, gekoppeld aan parameters als temperatuur, 
water-cement verhouding, type cement, luchtvochtigheid, kwaliteit van de uitvoering, enz., 
wordt echter in de meeste van de genoemde studies niet expliciet meegenomen. Toch is dat 
om verschillende redenen van groot belang voor bijvoorbeeld het goed opzetten van inspectie 
en onderhoudsstrategieën. In het onderhavige onderzoek is ruimtelijke spreiding daarom wel 
in rekening gebracht. Het onderzoek is daarbij beperkt gehouden tot betonnen bouwwerken en 
wel in het bijzonder betonnen bruggen. Uitgangspunt zijn de bruikbaarheidseisen waaraan een 
bouwwerk gedurende de gebruiksduur moet voldoen. 
 
De in dit proefschrift verbeterde en meer realistische aanpak is gebaseerd op de gebruikelijke 
probabilistische betrouwbaarheidsmethoden waarbij de ruimtelijke correlatie is meegenomen. 
Bij deze aanpak wordt niet alleen, zoals bij de gewone betrouwbaarheidsanalyses, de kans op 
falen van het bouwwerk bepaald, maar ook informatie verkregen over de omvang van de 
degeneratie, zoals de grootte van het gebied met wapeningscorrosie, scheurvorming, of 
afbrokkeling. Aangegeven is hoe deze informatie samen met een kostenmodel kan leiden tot 
een optimale reparatie- of onderhoudsstrategie.  
 
De ontwikkelde methode is een succesvolle aanvulling op de huidige probabilistische 
betrouwbaarheidsanalyse en is ook goede manier om theoretische modellen in de praktijk te 
toepassen doordat de berekeningsresultaten direct met de inspecties vergeleken kunnen 
worden. In drie praktijkgevallen is de aanpak is met goed gevolg gevalideerd. 
 
Het belang van het vinden van de juiste ruimtelijke variatie van de parameters ten aanzien van 
het op correcte wijze evalueren van de condities van het bouwwerk is aangetoond. Het wordt 
ten zeerste aangeraden in de toekomst meer metingen te doen om de werkelijke ruimtelijk 
fluctuaties goed te kunnen vastleggen. De gepresenteerde aanpak is meer onderzoek en 
verdere ontwikkeling in de toekomst waard. 
 
(Dutch translation by J.H. Hoefakker) 
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